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Many existing buildings in the United States designed and constructed according
to past standards are often found inadequate to withstand major earthquakes. Non-ductile
reinforced concrete frames have been identified among the types of structures that pose the
greatest hazard to society. Accordingly, significant research effort has been devoted to
developing and evaluating different techniques for the seismic retrofit of such buildings.

The present study focusses on the use of a technique that involves the addition of
high strength, post-tensioned braces (steel strands or rods) as an alternate retrofit scheme
for non-ductile reinforced concrete frames. The main objectives of the study are to evaluate
analytically the performance of the post-tensioned bracing system as a retrofit technique and
to identify the benefits and inadequacies of the system.

To study the behavior of the post-tensioned bracing system, inelastic dynamic and

vit



static analyses are conducted on three non-ductile reinforced concrete structures. The

buildings represent typical low and medium rise construction of the 1950°s and 1960’s in the

United States. Dynamic analyses are conducted using five ground motions representative

of major earthquakes on firm and soft soil conditions. For buildings located on soft soils,

the effects of soil-structure interaction are included in the analyses using a simplified .
procedure.

Overall, the results indicate that the post-tensioned bracing system can control
lateral drifts and prevent collapse of low and medium rise structures on firm and soft sail
sites. The technique is most sultable for low-rise buildings on soft soils, but can be used
for low and medium rise buildings on firm soils. For medium rise buildings on soft soils, fhe
performance of the system depends on the characteristics of the earthquake record. A high
level of initial brace prestressing maximizes energy dissipation of the system and reduces
overall response of the building. For low and medium rise buildings, the technique provides

a performance level comparable to that of X-bracing and to the addition of a structural wall.
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CHAPTER |
INTRODUCTION

1.1 GENERAL

Many existing buildings in the United States designed and constructed according
to past standards and practices are often found to be inadequate to withstand major
earthquakes. Although many of these buildings may perform satisfactorily in future
earthquakes, a large number of structures or building components are likely to fail
catastrophically posing a serious hazard to the occupants. The tragic collapse of the
Cypress Viaduct and the billions in damage caused by the Loma Prieta earthquake of
October 17, 1989, are the most recent testimonies of the vulnerability of older construction
to seismic events.

In recent years, a significant research effort has been undertaken to identify
potentially hazardous structures and to develop techniques to improve their seismic
resistance. Non-ductile reinforced concrete frame buildings have been identified as one of
the types of structures which appear to represent the greatest hazard to the society 1 As
a consequence, an important amount of research has been devoted to evaluating the
performance of retrofit techniques to enhance the seismic behavior of reinforced concrete
frame structures and frame members. The techniques for the seismic retrofit, or seismic
rehabilitation, of structures can be varied depending on the structural properties of the
existing structure and the performance level desired. The most common retrofit schemes
are steel or reinforced concrete jacketing, the addition of infill walls and the addition of steel
bracing systems.

Todate, a major part of the research work has focussed on experimental verification
of different retrofit techniques which examine the behavior of subassemblages under static
cyclic load reversals. While these studies provide valuable information on stiffness and
strength of the retrofitted structure, they do not provide information on the ability of the
system to satisfy the strength, displacement and ductility demands during an earthquake.
The actual forces and deformations developed during ground motion can only be
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determined by dynamic shaking table tests, pseudo-dynamic tests or by dynamic analyses.
Most retrofit techniques will result in an increase in stiffness with minor increases in mass
and thus shortening of the period of vibration of the structure. A shortening in the period
of vibration often results in an increase in the strength and ductility demands of the
retrofitted structure. Thus, the retrofit scheme will be successful only if increases in strength
and ductility capacity of the structure are greater than or equal to increases in demands
imposed by the earthquake.

In a previous analytical study, Jordan 4° evaluated the inelastic dynamic response
of prototype non-ductile reinforced concrete frames rehabilitated with reinforced concrete
jacketing or infill walls. The study showed that while all retrofit schemes increased the
stiffness and strength of the existing structure, not every scheme performed adequately
under any seismic event selected. Jordan attributed the inadequate performance of the
retrofit schemes to the inability of the systems to control lateral driits and prevent severe
damage to "non-strengthened" elements in the structure. From his study, it can be
concluded that the effectiveness of the retrofit scheme was dependent not only on the
structural properties of the existing structure, but also on the characteristics of the ground

motion.

Steel bracing systems have been found, in general, well-suited for the retrofit of
reinforced concrete frames. If correctly designed, they provide the structure with increased
stiffness and strength and can be detailed to exhibit good hysteretic behavior. However,
previous studies on bracing systems with low slenderness ratio braces have shown that
alternate inelastic buckiing and ylelding of braces Is linked with large local deformations at
the brace connection. Such behavior can lead to a premature failure of the connections and
ultimately to the sudden loss of one or more braces. A previous study 5! showed that due
to the relatively low ductiiity and redundancy of existing frame structures, the redistribution
of forces following the sudden loss of a brace results in almost immediate fallure of the
existing non-ductile reinforced concrete members. Such behavior limits tha strength and
energy dissipation capacity of the structure and can lead to collapse of the building during
a major earthquake.

To prevent braces from buckiing inelastically, it has been suggested 2 to design the
brace with a very low or a very high slendemess ratio. For braces with very low slendemess
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‘ ratios, yielding takes place instead of buckiing. With high slenderness ratios (such as steet
rods or strands), braces buckle elastically and the negative effects of inelastic buckling are
thus avoided.

The present study centers on the use of a retrofit technique that involves addition
of post-tensioned braces (steel rods or strands) to improve the seismic response of
reinforced concrete frarnes. With the use of high strength steel rods or strands the lateral
strength of the structure can be increased very efficiently with relatively small amounts of
material. Also, steel strands or rod braces can be initially prestressed to increase the lateral
stifiness of the building and to reduce the likelihood of shortening the braces to a point
where they become slack. If braces remain in tension, the reductions in lateral stiffness are
minimized. Though the technique has recsived limited attention in the U.S, it has been used
to retrofit low-rise bulldings in Mexico City after the 1985 Mexico earthquake.

1.2 OBJECTIVES

The purpose of this study is to evaluate analytically the seismic performance of post-
tensioned bracing systems (cables or rods) as a retrofit scheme for low and medium rise
frames of reinforced concrete. In addition, the study will identify benefits and inadequacies
of the system and will identify cases for which the post-tensioned bracing technique Is most
suitable.

To compare the behavior of the post-tensioned bracing system, the performance of
two common retrofit schemes Is also evaluated, namely the addition of an X-bracing system
and the addition of structural walls.

The behavior of the different retrofit schemes is examined in light of avallable code
provisions for new and existing construction. Based on this evaluation and the results
obtained from analyses, a procedure for determining the minimum requirements of stiffness
and strength for adequate performance of the retrofit scheme Is developed. Design
recommendations for the use of post-tensioned bracing, X-bracing and the addition of
structural walls are proposed.



1.3 SCOPE

Evaluation and retrofit of the buildings considered for study are restricted to moment
resisting frames of reinforced concrete. The buildings are prototype designs and were
designed to represent typical low and medium rise construction of the 1950's and 1960's in
the United States. The evaluation of the retrofit schemes is performed by examining in-
plane, inefastic dynamic response of bulldings. The buildings selected for study possess a
regular distribution of stiffness and strength in plan so that dynamic effects of higher
torsional modes of vibration are minimal and two-dimensional analyses are appropriate.

Five earthquake records representative of major earthquakes in the U.S. and
elsewhere are used in the present study. Three of these records are used to study the
response of buildings on firm soil conditions, while the other two are used to evaluate the
response of buildings on soft soil sites. A simplified procedure Is used to model soil-
structure interaction effects on buildings located on soft soil sites.

Retrofit schemes are limited to post-tensioned bracing, X-bracing and addition of
structural walls. In this study, all three schemes confine retrofit operations to the exterior
of the building, by providing braces or wall(s) only to the perimeter frames.



CHAPTER li
LITERATURE REVIEW AND BACKGROUND INFORMATION

2.1 GENERAL

The seismic retrofit of existing structures has been defined as the judicious
modification of the structural praperties to improve the performance in future earthquakes’.
Seismic retrofit of an existing building may be called upon to repair and strengthen
damaged members after a major earthquake, or simply to improve the seismic
characteristics of the structure anticipating inadequate performance in future seismic events.
The criteria for selsmic retrofit projects often require unique design considerations because
the structural properties of the existing building and the goals of the retrofit vary
considerably for different structures. The strength, stiffness and ductility characteristics of
existing buildings depend on the structural system provided (moment frames, bearing walls,
braced frames, etc), the type and existing condition of the construction materials and, the
design provisions in effect at the time of erection of the structure. Although several
strengthening techniques have been proposed, there are no specific regulations for the
seismic retrofit of existing buildings. Currently, the decision to retrofit a structure Is, for the
most part, made on a voluntary basis, and therefore the goals of the selsmic retrofit are
determined by common agreement between the engineer and the owner. With the lack of
precise regulations, the selection of the appropriate retrofit scheme Is left solely to the
judgement of the design engineer. The techniques and schemes for the retrofit of buildings
are diverse, and depend on the available strength and ductility of the existing structure and
on the goals of the retrofit as discussed above.

Inthis chapter, current techniques oriented specifically towards the improvement of
the seismic performance of non-ductile moment resisting frames of reinforced concrete are
reviewed. Common structural problems associated with reinforced concrete frames
constructed 20 years ago or more are identified and are examined in light of current design
provisions for seismic zones. The design strategies for the selection of appropriate retrofit
schemes for moment frames are discussed and design criteria for the retrofit schemes
selected for study are presented.



2.2 EARTHQUAKE DESIGN PHILOSOPHY FOR FRAME STRUCTURES

A brief review of basic criterla of earthquake resistant design of building frame
structures will serve to facilitate an understanding of the problems associated with the
evaluation and subsequent retrofit strategies for existing buildings presented below.

Figure 2.1 shows the lateral force
and lateral displacement relationships for \

two hypothetical structures with identical E Sa
initial  stiffness but different lateral é
strengths, both responding to the same

earthquake. Structure A is able to respond E Se
the given earthquake completely in the

8,

LATERAL DISPLACEMENT

elastic range, while structure B reaches its
elastic limit and deforms beyond its elastic
range. Because structure B responds

Figure 2.1 Load and displacement
inelastically to the earthquake, the relationships.
maximum displacement could be, in
general, equal to, smaller than or larger than the maximum displacement developed by
structure A. It can be seen from Fig. 2.1 that structure B can be designed for a lower lateral
strength Sg than the elastic force S,, provided that inelastic deformations and resuiting
damage are controlled. The level of the design force S is a function of the structure’s
ability to dissipate energy during inelastic response. The larger the energy dissipation
capacity of the system, the lower the required strength. Although it is possible to design a
structure to respond elastically during a major event, current soclal and economic priorities
dictate that such design is both uneconomical and impractical.

The design principles presented above form the basis of current design philosophy
for earthquake resistant structures. Due to the uncertainties involved in estimating the
magnitude and return period of earthquake ground shaking during the service life of a
structure, the performance level specified by code provisions has associated with it an
implied risk. A building structure design according to current code provisions is expected
to:

a) resist minor earthquakes without damage (essentially in the elastic range)
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b) resist moderate earthquakes without structural damage, but with some non-
structural damage

c) resist major earthquakes with non-structural as well as structural damage, but
without collapse.

The last statement is most significant because it deviates from standard design
procedures for static loadings. It establishes that, under a major earthquake, the structure
is expected to yield and deform well beyond the elastic limit of the structure. Furthermore,
frame members are expected to withstand several cycles of reversed inelastic deformation
without significant degradation of stiffness or strength. In other words, frame members are
expected to have good energy absorption capacity, sometimes expressed in terms of
ductility, the ratio between the ultimate deformation of the member and the deformation at
yield.

Current design codes rely on member ductility, or in general, the system ductility to
specify the design lateral loads. The design lateral forces prescribed by current codes are
reduced from elastic forces by response modification factors that primarily account for the
ductility of the structural system. Other aspects included in response modification factors
are damping, the degree of redundancy in the structure and overstrength capacity above
that where design loads cause "significant yield" '5. Different structural systems have
different energy absorption capacity or levels of ductility for which codes specify different
values for the response modification factors. Note that if the structure were to respond
elastically during a major event, no reduction would be allowed in the level of lateral forces.

To ensure ductile behavior during a major earthquake, current design provisions
require special detalling of frame members and connections. In addition, code provisions
are oriented towards the design of structural systems capable of resisting large inelastic
deformations without collapse. Figure 2.2 shows two possible failure mechanisms for frame
buildings, often referred to as the strong-beam weak-column mechanism and the weak-
beam strong-column mechanism. The former mechanism (strong-beam weak-column) is
an undesirable collapse mechanism for several reasons, but mainly because yielding of
columns in a given story means increased likelihood of collapse of the entire building. In
contrast, the weak-beam strong-column mechanism enforces yielding of beams in flexure
prior to hinging of columns which allows energy dissipation with less likelihood of collapse



Strong-Beam Weak-Colum Weak-Beam Strong-Colum

1111

Wa % /

Undesirable Desirable

Figure 2.2 Possible failure mechanisms for frame structures under lateral loads.

of the building. In a static fallure mode, as shown in Fig. 2.2, plastic hinges in a weak-beam
strong-column mechanism form at the base of columns only in first story columns. Under
dynamic loading, plastic hinges may also form In many column ends throughout the
structure and therefore columns should always be provided with adequate ductility.

Under current code provisions, the weak-beam strong-column mechanism is
implemented by requiring that the summation of the flexural strengths of columns at a joint
be larger than that of the beams. Such a provision does not necessarily prevent the
columns from yielding under earthquake loading, but it reduces the likelihood of yielding in
columns prior to yielding of beams.

2.3 NEED FOR SEISMIC RETROFIT

The need for seismic retrofit of existing buildings in the U.S. has been recognized
over the last two decades, and is perhaps, one of the most urgent problems at the present
time. Because of advances in the understanding and knowledge of earthquake resistant
design of structures, it is now well recognized that most bulldings constructed two decades
ago or more have Inadequate earthquake resistance and may pose a serious hazard to
soclety. In California, the collapse of the Cypress viaduct during the Loma Prieta
Earthquake is perhaps the most tragic testimony of the need for seismic retrofit of existing
structures. In the eastern U.S.,, studies have shown that earthquakes are less frequent than



9

in California, but they may pose just as large a threat to society %2, The threat is of special
concern because most structures in the east have not been designed for earthquake
loading.

The reasons for the seismic retrofit of an existing building may be diverse, namely,
repair/strengthening of damage due to previous earthquakes, deteriorated condition of
structural materiais, changes in the building occupancy, etc. Nonetheless, the most
common reason is probably the upgrading of seismic provisions of local codes. Upgrading
of seismic code provisions includes two main revisions which are: a significant increase in
the level of the design lateral forces and a significant improvement in detailing of members
for ductile behavior. Both aspects are interrelated and have a significant impact in the
evaluation and later selection of the appropriate retrofit strategy. These two aspects are
discussed in detall in the following sections. ’

2.3.1 Comparison of Lateral Force Code Provisions - 1955 to 1991

The design lateral force levels required in the provisions of the Uniform Building
Code (UBC) are compared for the years 1955 & 1964 % and 1991 3. In addition, the
recommendations of the National Earthquake Hazards Reduction Program (NEHRP) of 1988

1S are also compared.

Because the design procedures for lateral forces have changed significantly
throughout the years within the specifications of the UBC, a direct comparison of older code
provisions with current ones cannot be made without including certain design assumptions.
Unlike most recent versions of the UBC, the 1955 UBC does not provide a direct expression
to compute the base shear coefficient from the building period. Instead, it specifies lateral
forces directly which are based on the number of stories of the building. For the purpose
of the comparison, the empirical equation: T (secs) = 0.1 N (N being the number of
stories), was used to compute an equivalent period of vibration of a reinforced concrete
frame structure.

Probably the most significant difference in the design procedures for reinforced
concrete building structures was the change from the working stress design (WSD) method
to the Ultimate Strength Design (USD) method that took place during the 1960's and the
early part of the 1970’s. Because of the difference in load factors, strength reduction factors
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and load combinations (among others), the design lateral forces as obtained from these two
different design procedures cannot be compared directly. To account for this difference,
the lateral forces obtained using the WSD method must be factored upward for comparison
with those obtained using the USD method. There is no single factor to use, but a factor
of 1.4 seems reasonable.

Based on the assumptions piesented above, the base shear coefficient and the
building period relationship was calculated using the old and current provisions of the UBC
and NEHRP recommendations, as shown in Fig. 2.3. In this figure, the base shear
coefficient and building period relationship has been plotted for Ordinary Moment Resisting
Space Frames (OMRSF) of reinforced concrete, in zones of highest seismicity (Zone 4
according to the current UBC classification), and on firm sail (soll type 2 of the 1991 UBC).

As can be seen in Fig. 2.3, there has been a significant increase in the design lateral
forces for reinforced concrete frame structures, particularly since the publication of the 1964

* UBC 91 does not allow OMRSF In zones of high selsmicity
0.6

- | NEHRP 88 (Firm Soil) / USD |

| UBC 91 (Firm Solf) /USD * |

0.3

BASE SHEAR COEFFICIENT, V/W

PERIOD (sec)

Figure 23 Comparison of base shear coefficient versus building period for ordinary
moment-resisting frames (OMRSF) of reinforced concrete in zones of high
seismic risk.
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edition of the UBC. The main source of the increment in the design lateral force level in
current codes (1991 UBC and 1988 NEHRP) comes from the recognition that older codes
did not have adequate provisions for detailing of reinforcement that would ensure ductile
behavior of the reinforced concrete members. Thus, a larger lateral force level is required
to supplement the lack of ductility in the structure.

Note that the WSD provisions of the 1955 UBC would resuit in higher lateral design
forces than those obtained from a more recent code such as the WSD approach of the 1964
UBC. It also appears that the use of the USD procedure of the 1964 UBC results in a lower
lateral strength of the building than the corresponding WSD approach.

While the current 1991 UBC does not require the same level of lateral forces as the
1988 NEHRP code, it must be recognized that ordinary moment resisting space frames are
prohibited in zones of high seismicity by the current UBC. Furthermore, OMRSF are only
permitted in zones of low seismicity (zone 1 of the 1991 UBC). On the other hand, the
recommendations of the 1988 NEHRP do permit the erection of OMRSF In zones of high
seismic risk, provided that a high penalty is imposed on the design lateral force level. This
can be clearly seen in Fig 2.3, where the base shear coefficient required for a short period
structure by the 1988 NEHRP Is almost 2.3 times larger than that required by the 1991 UBC.

2.3.2 Typical Detailing of Reinforced Concrete Frames in Older Construction

Since the level of lateral forces prescribed in older codes was much lower than those
required by present code provisions, the design of reinforced concrete frame structures was
often governed by gravity loads and not by earthquake loading. As a result, most frame
structures built in the late 1950’s or 1960's have been detailed primarily for gravity loads and
consequently lack adequate ductility. In addition, the knowledge and understanding of the
behavior of reinforced concrete members subjected to cyclic load reversals have improved
significantly in the last two decades. Therefore, buildings constructed in the 1950's or
1960's lack proper detalling of members for seismic loads simply because of the absence
of specific requirements for earthquake loading, even if design lateral forces had been
higher.

Following is a description of critical details that are typical of past design practice.
Critical details are based partly on a review of design codes and detalling manual used since
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1950, and partly on previous studies on seismic retrofit of building structures 1125 28, 49,55
The implications of inadequate detailing of frame members on the expected behavior of the
structure are also discussed.

a) Shear Reinforcement of Frame Members:

Typically, transverse reinforcement in column and beam members was designed
for shear forces obtained directly from analyses of the building using design
lateral forces. While this procedure followed standard practice in effect at the
time, it does not prevent the premature brittle shear fallure of members. As
discussed earlier, the design lateral forces used to design the shear
reinforcement were much smaller than those required by current code
provisions. Even under current code procedures, the actual forces that the
structure will experience during severe ground motion are much smaller than
those implied by the codes because it Is assumed that frame members will
dissipate energy through inelastic response. Thus, unless frame members
possess strengths comparable to the elastic forces developed during an
earthquake, the members will fail in shear in the event of a major earthquake.
Maximum shear forces of a frame member are related to the flexural capacity at
its ends rather than to factored shear forces indicated by lateral load analyses.
For these reasons, current design provisions # require frame members to be
designed for the forces assoclated with the maximum moment strengths at the
member ends to ensure a flexural mode of failure of the members (capacity
design philosophy), as illustrated in Fig. 2.4.

The latter provisions were first introduced In the AC! code in 1971 and included
only column members. As a result, column and beam members designed
according to earlier editions of the ACI code are likely to experience premature
shear failure prior to developing their full flexural capacity under earthquake
loadings. In addition, because the forces used in design were significantly lower
than those required by current codes, shear fallure of these members would
probably occur in the early stages of a major event and at small lateral drifts.



13

W (gravity loads )
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L
Ve Mo+ Mg | w v Mpa + Mpg
L -2 - H
BEAMS COLUMNS

V : design shear force
Ma. Mg ,Mpp, Mpg: flexural strengths at member ends

Figure 2.4  Design shear forces for beam and column members under current provisions

b) L

(capacity design philosophy).

lumns:

Since design lateral loads In older codes were relatively low, the design of
building frames was primarily governed by gravity loading. As a result, columns
were often considered as "compression members" and lap splices were designed
accordingly. To simplify construction, splices in columns were typically located
just above the slab at each floor level where a construction joint was specified,
as shown in Fig. 25. The length of lap splices specified in older codes was
typically 20 bar diameters (ACI-1956 %) or 24 bar diameters (ACI-19632). For the
concrete strengths used at the time (typically 3000 psi), such a splice length is
insufficlent to develop yielding in tension of most sizes of a Grade 60 bar. The
amount of transverse reinforcement present in the splice region in most buildings
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WIDELY SPACED TIES
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ENGTH)
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AT JOINT

|

Figure 2.5 Typical reinforcing details of moment frames designed In the late
1950's and 1960's.

is minimal and provides little improvement in the splice capacity. The section at
the base of columns with lap splices may not be able to develop flexural yielding
and therefore the capacity of these sections will be limited to that of the splice
intension. Note that under earthquake loading the end sections of a column are
regions of maximum bending in the structure and therefore critical for the safety
of the building. Furthermore, the base sections of columns are potential hinging
regions where energy dissipation Is expected to take place under a major
earthquake. A premature splice failure will not only reduce the lateral resistance
of the building but it will also limit the energy absorption capacity of the frame.

c¢) Discontinuous Bottom Reinforcement in Beams:
Since gravity loads often governed the design of older frame buildings, “positive”

bending moments at the beam ends were not anticipated. As a result, bottom
("positive”) reinforcement in beams was typically embedded Into the beam
column-joint, as shown in Fig. 2.5. At least one-fourth of the area of the
"positive” reinforcement in continuous spans was required to be embedded 6 in.
into the support. Such a detail corresponds to past and present practices of
members that are not part of a primary lateral load resisting system 24 9,
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During a major earthquake the beam ends will be subjected to large moment
reversals which will counteract the "negative® moment induced by gravity loads
and cause the bottom reinforcement to act in tension. An embedment length of
6 in. is insufficient to develop yielding of any commercially available reinforcing
bar (Grades 40 and 60). Thus, puil-out of the bars from the joint Is likely to
occur under a major event which will limit the "positive® moment capacity of the
beam and the lateral resistance of the building. The brittle nature of a pull-out
failure will also limit the energy absorption capacity of the frame building.

d) Beam-Column Joints:

In building frame structures, the role of the beam-column joint is to transfer the
forces developed in the columns and beams. Therefore, adequate strength of
the joint is essential for the development of the full capacity of the framing
members. However, the design and detailing of beam-column joints received
little, if any, attention in the past and it has not been until the last fifteen years
that detailing of joints has been studied more comprehensively. Joint provisions
for structures subjected to seismic loading were not introduced until the 1971
edition of the ACI code 57 in which transverse reinforcement was first required
throughout the connection. As a result, most building structures built prior to
this date are likely to have beam-column joints that have not been designed for
seismic forces and that contain no transverse reinforcement through the joint
(see Fig. 2.5). Under severe ground motion, the joint may be subjected to high
shear forces which eventually can cause failure of the joint and limit the lateral
resistance and ductility of the frame structure. The absence of transverse
reinforcement in the joint aggravates the problem since the confinement
necessary for transfer of the forces through the joint region Is not available and
a more brittle mode of failure Is likely.

There Is, however, one aspect that could benefit the behavior of the joint and
prevent its fallure during a severe earthquake. Because the members framing
into the joint are likely to have limited strength (failure of column splices, pull-out
of bottom reinforcement in beams) the maximum forces to be transferred at the
joint are also limited. For these reasons, joint shear failure is unlikely to occur
unless framing members are strengthened to develop their full capacity. In the
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latter case, the beam-column joint will most likely have to be strengthened as
weil.

Other deficiencies such as inadequate spacing of shear reinforcement, insufficient
development of reinforcing bars, etc., are also likely to be present in old construction and
will have an effect on the performance of the building under lateral loads. However, the
critical details indicated above represent the deficlencies that are most likely to govern the
lateral strength and ductility of the building.

In addition to deficlent detailing of members, building frames constructed in the past
may also present an inadequate structural system for resisting lateral loads. Many building
frames will display a strong-beam weak-column mechanism mode of faillure, which is an
undesirable mechanism for a lateral load resisting system, as discussed earier in this
chapter. Another deficiency of structural systems designed in the past Is the so called "soft
story”. Typically, the first story of a building frame was designed to be taller than the upper
stories in the building, which in many cases led to a more flexible (soft) first story. In
addition, the lateral strength of the first story was designed to be lower than that of the
upper stories (weak first story), so that all deformations and inelastic behavior was
concentrated in the fist floor. Such a design concept became popular in the late 1960's 58,
but it was later recognized that the first story concept would seriously jeopardize the stability
of the super-structure because of large concentrated drifts in the first story.

2.4 SEISMIC REHABILITATION OF REINFORCED CONCRETE FRAMES
2.4.1 General

The rehabilitation of building structures may involve many different aspects that are
Intrinsic to each individual project and often make the selection of the proper retrofit scheme
a unique problem. There are, however, certain considerations that are common to most
retrofit operations and can be regarded as general for the retrofit of building structures. It
is often found uneconomical and impractical to strengthen the entire structural system to
achieve the required level of upgrading and, therefore, the retrofit Is usually restricted to the
strengthening of only certain portions of the structure. In general, solutions that confine
retrofit operations to the perimeter of the structure are often preferred, mainly because they
expedite the rehabilitation process and minimize disturbance to the occupants in the interior
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of the building. In some instances the building may even remain occupied while the retrofit
is underway. The latter aspect can be a very important economic and social factor strongly
influencing the selection of the retrofit scheme.

Concentrating rehabilitation to the exterior portions of the structure may leave some
*non-strengthened® elements in the interior of the structure. These elements may lack
adequate strength, but more fikely, will lack the ductility required to withstand the large
deformations imposed on the structure under a severe ground motion. While understrength
of "non-strengthened" elements can be accounted for in design, the lack of ductility cannot.
Current seismic design procedures for new construction assigns "overall® system ductilities
(response modification factors) to reduce elastic forces provided that all members that are
properly detailed for ductility. As discussed above, an existing or retrofitted building may
contain both ductile and brittle elements. The latter elements will limit the ductility of the
system and therefore the provisions for new construction (design forces) are not directly
applicable for the retrofit of buildings. In addition, the presence of non-strengthened
elements may require limiting lateral drifts to much lower values than those permitted for
new "ductile" buildings.

Currently in the U.S., there are no specific provisions for the retrofit of existing
buildings and therefore the engineer has to find a retrofit solution and the appropriate level
of lateral forces and drift limits with little or no guidance. The solutions for compensating
for inadequate strength and ductility can vary considerably, and in current practice depend
primarily on the engineer’s judgement and on the owner's requirements. Itis clear, however,
that in the design of the retrofit scheme the designer must carefully contemplate the
presence of these "non-ductile” elements and either modify the structure to avoid local failure
of elements and/or limit the level of damage in these members. The definition of acceptable
level of damage is not universal and, although it can be described qualitatively, it is quite
difficult to express it in quantitative terms.

2.4.2 Evaluation of Existing Structures

The first step in the rehabilitation process of an existing structure Is to establish the
adequacy of the building to withstand the maximum probable earthquake expected for the
site. Then, i the building is found inadequate a decision must be made to either retrofit the



18

building or demalish it and replace it by a new structure. To establish the adequacy of an
existing structure, information on strength of materials, detailing of reinforcement,
specifications and calculations is of primary importance. Original design and "as-built" plans
of the building are indispensable for the evaluation; however, original drawings are often
unavailable. A field inspection may be required to asses field conditions, modifications to
original plans and the current state of deterioration of materials.

Once the basic information is gathered, an evaluation of the strength, stiffness and
ductility characteristics can be performed. To determine the lateral capacity of an existing
building there exists several documents to assist the engineer in the evaluation process. In
Japan, the Japan Disaster Prevention Assoclation has published two standards aimed at the
evaluation, repair and strengthening of building structures 58 €. In the U.S., the Applied
Technology Councll has published two refatively new documents oriented to the evaluation
of existing buildings, namely ATC-14 8! published in 1987 and more recently ATC-22 12
published in 1989. The ATC-22 recommendations are based partly on the methodology
used in the ATC-14, but also follow criteria specified in the NEHRP Recommended
Provisions for the Development of Seismic Regulations for New Buildings 'S. In this study
the ATC-22 document is used as a reference for the evaluation of the buildings and Is briefly
discussed in the following.

2.4.2.1 ATC-22 Recommendations - A Brief Review

The methodology presented in ATC-22 (and in ATC-14) was aimed at developing
comprehensive, but at the same time practical guidelines to assist engineers in the U.S. in
evaluating existing buildings. Primarily, the provisions are intended to identify the different
structural systems or building components that could endanger human lives during a severe
ground motion. Hence, a major portion of the methodology is devoted to directing the
engineer in determining the weak links in the structure that could precipitate structural or
component failures. A summary of the ATC-22 provisions relevant to the structural systems
investigated in this study are presented in Appendix A.

During the development of the ATC-14 provisions, later adopted by ATC-22, it was
considered that less conservatism could be tolerated in an existing buliding because *for the
review of existing buildings, the primary aim is to evaluate the true strength of the structure
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when subjected to an earthquake* . Thus, the input ground motion considered in ATC-22
is reduced with respect to that used for new construction. The lateral force level, base
shear, specified in ATC-22 Is based on a mean response spectra rather than the mean plus
one standard deviation spectra usually specified for new construction. Response
modification factors used in ATC-22 are the same as those specified in the NEHRP
provisions for new construction 'S.

In contrast to the reduction in the level of lateral forces, ATC-22 specifies increased
load factors assoclated with seismic forces for brittle and semi-ductile elements in order to
account for the lack of ductility of these elements. The higher load factors specified for
buildings with brittle and/or semi-ductile elements partly compensate for the reduction in
lateral forces. Thus, the lateral strength required by ATC-22 for buildings with brittle and/or
semi-ductile elements may be as high as that of similar structural systems designed under
current provisions, even though the level of lateral forces has been reduced as Indicated
earlier. However, for buildings provided with ductile elements, response modification factors
and load factors are the same as those specified for new construction. Therefore, the lateral
strength of ductile systems required by ATC-22 will be lower than that required for new
buildings. The latter provisions are consistent with the intent of the document in that less
conservatism is tolerated for an existing ductile system, but for brittle structures the strength
and conservatism are similar to those required for new construction.

While ATC-22 provides minimum requirements for the evaluation of existing building,
the document provides no recommendations for the “design® or evaluation of retrofit
systems. Thus, as indicated earlier, the designer must determine an appropriate level of
forces and dirift limits for the existing building with no guidance.

2.4.2.2 Experimental Studies of Structural Systems with Inadequate Detailing for
Seismic Zones.

Experimental work on the behavior of building structures/components with
inadequate reinforcing details for seismic zones is scarce. Such information can provide
valuable insight for a more accurate evaluation of the structural properties and behavior of
existing buildings.
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In 1990, Pessiki et al. ' conducted a serles of tests on full-scale cruciform-shaped
specimens that represented the interior connection of a moment resisting frame. The
specimens were tested under reversed cyclic loading and included column axial forces to
represent gravity loads present during earthquake loading, as shown in Fig. 2.6. The main
variables studied included the effects of short lap splices at the base of columns, embedded
bottom reinforcement in beams and transverse reinforcement in the joint. The level of axial
force and the presence of transverse beams (perpendicular to the plane of the specimen)
to study the influence of transverse confinement were also among the variables studied.
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Figure 2.6 Test specimen and test set-up in Pessiki’s tests (Ref. 11)

The test specimens included lightly-confined column lap splices located in the
maximum moment reglon just above the fioor level and discontinuous bottom beam
reinforcement (some specimens included continuous bottom beam reinforcement as well).
All top beam reinforcement was continuous through the beam-column joint. Bottom
reinforcement in beams consisted of either 2#6 or 2#8 reinforcing bars of grade 60 ksi steel
embedded 6 in. into the beam-column joint in accordance with past design practice (see
section 2.3.2.c). Longitudinal reinforcement in columns consisted of either 8#7, 6#8 or
4#10 reinforcing bars. The splice length was 30 bar diameters in all cases, which exceeds
the 20 or 24 bar diameter requirement of AC! 1956 and ACI 1963 (see section 2.3.2.b). The
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28-day compressive concrete strength varied for beams and columns, and ranged from 2800
psi to 5500 psi. The conclusions relevant to the present study are summarized below:

a) Fallure of specimens with discontinuous bottom reinforcement always initiated by
pull-out of the bottom reinforcement from the beam-column joint. The peak pull-out
resistance was independent of the bar sizes (#6 or #8) and also Independent of the two
axial force levels examined. However, larger beam rotations occurred in the presence of the
smaller axial force. Fig. 2.7 shows typical moment and rotation relationship for the
specimens with embedded reinforcement. It can be seen that the anchorage fallure of
bottom beam bars caused significant degradation of stiffness and strength of the member.
Note that even though the top reinforcement in beams was continuous through the joint,
there is also a reduction in the bending capacity for "negative® moment after the failure of
the bottom reinforcement. This result is not addressed by the authors, but it is believed that
such behavior may have been the result of significant deterioration of the concrete in the
bottom reglon of the beam caused by the pull-out fallure of bottom bars. Concrete may
have spalled off as bars were pull-out form the joint which would cause a reduction in the
size of the compression block and lever arm of the section in “negative® moment leading to
a reduced "negative® moment capacity. However, a closer examination of test results may
be required to support this conclusion.

NOKEIT (32 X3p)
(Tacusands)
. .
-
w S

I

-0.03 -0.01 Q [ N1 0.08
BOTATION (redirans)

Figure 2.7 Moment and rotation relationship for specimens with embedded bottom beam
reinforcement (Ref. 11},
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b) Column splice fallure was not observed in any of the test specimens considered
in the study, even though splitting of the concrete cover was detected in the splice reglon.
As noted above, the splice length provided in the specimens exceeded the lap prescribed
in older code provisions and therefore the results regarding the performance of column
splices are inconclusive. The presence of axial load in the columns may have significantly
improved the capacity of the splice, a condition that does not represent the most
unfavorable situation for evaluating the capacity of the splice. Compressive axial forces in
columns may be reduced significantly during an earthquake; the presence of tensile forces
due to overturning moments are not uncommon in exterior columns of moment frames.

Chai et. al®® have recently conducted reversed cyclic loading tests on circular bridge
columns with lapped starter bars. The longitudinal reinforcement of prototype columns
consisted of #6 reinforcing bars of Grade 40 steel, with a 20 bar diameter lap splice at the
base of the column. The 28-day compressive strength of the concrete in the column
specimens varied from 4725 psi to 5600 psl. While the detalling of the bridge column
specimens is somewhat different than that encountered in columns of frame structures, test
results indicated that bond distress occurred at the base of the columns. Note that the yield
strength of the rebars used in those tests was only 40 ksl and therefore it Is highly likely that
rebars of Grade 60 steel, commonly used in bullding construction, will develop bond distress
for similar lap lengths,

Recent studies by Valluvan et. al 28 on prototype column specimens with lap splices
subjected to cyclic axial loading have shown that a 24 bar diameter lap Is insufficient to
develop yielding in tension of #6 rebars of Grade 60 steel. The compressive strength of the
concrete used in these tests averaged 4000 psi at 28 days. While the hysteretic response
of splices in direct tension may be different from that of splices in flexure, it is believed that
the peak capacity of the splice is adequately represented by the pure tension tests. Column
tests with short lap splices subjected to lateral load reversals are currently underway 5,
which will help verify this conclusion.

2.4.3 Retrofit Schemes and Related Research

Several techniques have been developed for the strengthening and repair of building
components. Most of the techniques are oriented to the improvement of strength and
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" ductility of the elements in existing buildings. In 1989, the Federal Emergency Management
Agency (FEMA) published a comprehensive document on the different techniques
recommended for the seismic strengthening of existing buildings 62, The FEMA document
includes techniques for the retrofit of different structural systems of steel, reinforced
concrete, masonry and wood, etc. In addition, there has been substantial research work in
this area 28 46. 50, 51, 56, 63, 84, 67. 70 1 which the behavior of different strengthening
techniques are evaluated. The following describes the techniques developed specifically for
moment frames of reinforced concrete. The advantages and disadvantages of each of the
techniques presented are briefly discussed.

2.4.3.1 Reinforced Concrete or Steel Jacketing

The "jacketing® technique consists of encasing existing columns and/or beams with
a new shell of reinforced concrete or steel. A typical jacketing scheme Is illustrated in Fig.
2.8. The jacketing technique is intended to improve the axial, flexural and shear strength

New column ties ‘,. ‘
] (™ -
A |

& 1

o7

Figure 2.8  Strengthening of a an existing column using reinforced concrete jacketing.
(Adopted form Ref. 62)
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of existing members. Strengthened elements will possess higher and better energy
absorption characteristics which will help enhance the ductility of the overall structural
system. If the goal is to increase only the shear capacity of the member, the jacketing can
be terminated with a small gap at the ends of the member, as shown in Fig. 2.9. In this
manner, the flexural capacity at the member ends remains unchanged, while the shear
capacity is increased. Notice that while improving the strength and ductility of existing
members, the jacketing technique maintains the original characteristics of the structural
system, l.e. the building remains as a moment resisting frame after retrofit.

—\— Existing Column

Gap to prevent Increase
in flexural capacity

~

T 1

Steel or
Reinforced Concrete Jacket
Existing Beam

A\~

Figure 2.9 Strengthening of an existing column to increase shear strength only.

In general, the technique requires few or minor modifications to existing
foundations. Also, only minor changes in the original layout of the bullding makes the
jacketing technique attractive from an architectural standpoint.

The performance of reinforced concrete jacketing has received significant attention
in recent years. Alcocer et. al % conducted an experimental program using large-scale
beam-column subassemblages, to evaluate the performance of reinforced concrete jackets
and to investigate the sultability of the technique as a retrofit scheme. Fig. 2.10 shows the
test specimen and test set-up used in the program. The beam-column subassemblages
represented an existing structure designed according to Mexican and American practices
of the 1950's. All specimens were tested under bi-directional reversed cyclic loading. The
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Figure 2.11 Comparison of hysteretic behavior of original and retrofit specimens using
reinforced concrete jacketing (Ref. 63).
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jacketing consisted of encasing columns, beams and the joint region with new reinforcement
and a new concrete shell. Fig. 2.11 compares the hysteretic response for the original *non-
Jacketed" specimen and the response of the same original specimen encased with one of
the jacketing schemes used in the program. It can be seen that the increases in strength
and stiffness with the jacketing scheme are substantial. Even though the hysteresis loops
of the retrofitted specimen show some pinching, the cycles were stable and showed
moderate strength degradation.

In a previous study, Bett 7° studied the performance of reinforced concrete jackets
to repair and strengthen short columns lacking shear strength. In all cases, the repaired
and strengthened specimens showed greater strength and ductility than the original *non-
strengthened” column. In addition, the mode of fallure of strengthened specimens was
changed to a more ductile flexural-shear failure mode and the observed hysteretic behavior
became stable at larger lateral drifts.

Overall, test results show that the reinforced concrete jacketing technique always
improved the strength, stiffness and energy dissipation characteristics of existing frame
members. However, it has been noted that due to the intensive labor required to place the
new materials around the existing members and the high costs of formwork, the technique
may be uneconomical for the American practice .

Steel jacketing has been used extensively to rehabilitate structures in the past,
although there is only limited experimental evidence on the behavior the technique 7'.
Similar to the resuits obtained for reinforced concrete jacketing, stee! jackets help enhance
the strength and energy dissipation capabilities of the existing structure.

2.4,.3.2 Addition of Infill Panels or Structural Walls

The addition of infill panels of reinforced concrete in one or more bays of an existing
moment frame Is a common technique for improving lateral strength. Fig. 2.12 illustrates
a typical design of an infill panel scheme. Of primary concem is the shear transfer capacity
between the infill wall and the existing frame members. As shown in Fig. 2.12, infill walls are
usually connected to the boundary .rame elements by mechanical connectors or by epoxy
grouted bars. The reinforced concrete Infill is usually made of cast in place concrete or
shotcrete. In both procedures a serious quality control problem may arise—-a gap between
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Figure 2.12 Strengthening of an existing concrete frame building with a reinforced
concrete infill panel. (Adopted from Ref. 62)

the infill and the top floor beam % 64,

As discussed earlier, columns of existing frames typically have short lap splices
which are likely to be inadequate to develop yielding in tension. In an infill wall scheme,
existing columns act as boundary elements of the infill and therefore columns are subjected
to large compressive and axial forces. Consequently, and as shown by previous studies %4,
the benefits of adding an infill wall will be limited by the premature failure of column splices
in tension, unless existing columns are strengthened as well.

In addition to providing Infill panels, existing columns can be provided with a
reinforced concrete jacket to prevent column splice failure and to allow columns to
effectively act as boundary elements for the new wall (see Fig. 2.13). The advantage of the
latter technique is that the infill panet and the reinforced concrete jacket are cast as one unit,
thus minimizing the shear transfer problems between the panel and the frame members.

The behavior of infill panels and structural walls in an existing frame have been
studied experimentally 46,64 |nthese studies a large-scale, single-story, one-bay reinforced
concrete frame was strengthened using first an infill panel, similar to the scheme shown in
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Figure 2,13 Strengthening of an existing building frame with an eccentric wall and
reinforced concrete jacket of columns.

Fig. 2.12. The second scheme consisted of an eccentric wall connected to the existing
frame by a concrete jacket around the existing columns similar to the scheme shown in Fig.
2.13. Both specimens were tested under reversed cyclic loading to failure. In Fig. 2.14, the
lateral load and drift envelopes for the two specimens are compared. It can be seen that
the eccentric wall showed higher initial stiffness and ultimate strength than the infill wall.
Furthermore, column spilice failure was prevented by the reinforced concrete jacket in the
eccentric wall scheme. Flexural reinforcement in existing frame columns developed strains
well beyond yielding with no signs of splice failure. In contrast, the capacity of the infill wall
specimen was limited by fallure of column splices in boundary elements. A comparison of
the hysteretic behavior of the specimens revealed that the energy absorption capacity of the
eccentric wall was significantly higher than that of the infill panel. Also, the transfer of shear
from the existing frame to the eccentric wall was achieved with virtually no slip between
surfaces %,

Overall, the structural wall technique has proved to be more efficient and more
effective than the addition of infil panels only, although the technique is clearly more
expensive. If properly detalled, the addition of infill panels or new structural walls can
substantially increase the lateral stiffness, strength and ductility of an existing building.
Depending on the size and number of walls provided in the building, the behavior of the
original moment frame structure can be changed to wall-frame system. Since the added
wall(s) are much stiffer and stronger than the existing frame, the behavior of the retrofitted
will generally be controlled by the structural wali(s).
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Figure 2.14 Comparison of lateral load and drift envelopes for a concrete frame
strengthened with an infill panel and with an eccentric wall (Ref. 46).

Because walls are much stiffer than the frame elements they attract most of the
lateral loads Imposed on the building, and therefore the addition of walls to a frame structure
will normally require extensive modifications to existing foundations. Modifications to
foundations may require Intensive labor, particularly if the quality of the foundation soil Is
poor. For these reasons, even though structural walls could be designed to provide a
suitable retrofit scheme, they often resuit in an expensive solution.

2.4.3.3 Addition of Wing Walls

This technique combines the concepts of reinforced concrete jacketing and infill wall
schemes. It consists of increasing the lateral strength of the structure by adding wing walls
of reinforced concrete to the sides of existing columns, as shown in Fig. 2.15. The
technique is most suitable for structures in which a strong-beam weak-column failure
mechanism is anticipated. By Increasing the size of existing columns, the column flexural
and shear strengths are increased. Thus, failure is shifted to the beams, which results in a
weak-beam strong-column mechanism of failure. The wing walls may be either precast or
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Figure 2.15 Strengthening of a concrete frame using wing walls.

cast in place panels. The connections between the panel and the existing frame members
can be accomplished using wedge or adhesive anchors. Such connections pose problems
similar to those encountered for the shear transfer in infill walls.

The behavior of the wing wall technique has been studied experimentally to
strengthen a prototype moment frame with deep spandrel beams and short columns, similar
to the one shown in Fig. 2.15. Details of the experimental program can be found in Ref. 51.
The test specimen was subjected to several cycles of lateral load to different drift levels.
Test results indicated that the addition of wing walls significantly increased the lateral
stiffness and resistance of the existing structure, but most importantly, it changed the mode
of failure of the structure from a “weak-column shear fallure mechanism" to a weak-beam
strong-column flexural mode of fallure. Hysteresis loops of the strengthened structure were
stable up to drifts of 1% with relatively minor degradation of strength.
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The wing wall technique offers an alternative retrofit scheme for those cases in which
areinforced concrete jacketing scheme is insufficient to satisfy the demands of the retrofit,
but at the same time the addition of infill walls or structural walls is either not possible or
uneconomical. Similar to reinforced concrete jacketing, the wing wall scheme requires
intensive labor during construction. In addition, because the size of columns is significantly
increased to the size of a concrete pler, the scheme will likely require modifications to
existing foundations.

2.4.3.4 Steel Bracing Systems

Steel braces have been extensively used in the design of steel frames to help carry
lateral forces and to limit lateral drifts of buildings. The fact that bracing systems can be
designed to improve the lateral resistance of bullding frames led to the concept of using
steel bracing systems as possible retrofit schemes for existing reinforced concrete frames.
One of the main advantages of the bracing system Is the wide range of possible bracing
configurations that can be selected to meet different levels of performance. Depending of
the original layout of the building, the number of braced bays, configuration and/or brace
size can be designed to satisfy different levels of lateral strength and/or stiffness. A
disadvantage of the bracing system is that braces will introduce axial forces in existing
column and beam members. Compressive forces are, in general, welcome in beams, and
depending on the level of axial forces from gravity loads they can also benefit the behavior
of columns. However, axial tensile forces are undesirable in both beams and columns.
Should tension forces develop as a consequence of the bracing scheme, existing members
will most likely have to be strengthened to carry these forces.

The behavior of steel braces under cyclic loading have been studied extensively in
the past. In Fig. 2.16, the hysteretic behavior of steel braces is compared qualitatively in
terms of the energy dissipation capabilities as a function of the effective slendemess ratio,
KL/r. If the slendemess ratio of the brace is very low (KL/r < 40), the brace yields in
tension and compression, and the energy dissipation capabliity reaches a maximum. Asthe
slenderness ratio increases (120 < KL/r < 40), the brace buckles in compression and the
energy dissipation capabilities are reduced. Braces with very high slendemess ratios (KL/r
> 120) have almost negligible buckiing strength, which reduces the energy dissipation
capacity of the brace even further, as shown in Fig. 2.16. Ideally, braces should be
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Figure 2.16 Comparison of hysteretic behavior for steel braces with different slendemess
ratios (Ref. 25)
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designed to have the smallest possible unbraced length (slenderness ratio) for maximum
energy dissipation. In practice, however, it is seldom possible to design braces short
enough to prevent buckling completely. In addition, the design of braces to yield in
compression would, in general, call for heavy sections which would make bracing an
expensive solution. In this study, two different types of braces are considered as possible
retrofit schemes, and are classified according to their behavior under reversed cycling
loadings. Braces with medium slendemess ratios (50 < KL/r < 120) and braces with very
high slendemess ratios (KL/r > 120) will be studied.

lum Si rness Ratio Bracin tem. <KL/ < 12
The performance of frames with medium slenderness ratio braces can be defined by
two systems: concentrically braced frames (CBF) and eccentrically braced frames (EBF).
The latter bracing system has shown very favorable seismic behavior in new construction
and may represent an attractive alternative for the retrofit of existing concrete frames. The
behavior of eccentric bracing in existing reinforced concrete frames is not included in this
study, but it is currently under investigation in a parallel study. Depending on the
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Figure 2.17 Typical configurations for concentric bracing systems.
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configuration pattern, concentric bracing systems may consist of Diagonal bracing, X-
bracing, K-bracing, V-bracing, Chevron or inverted V-bracing, as shown in Fig. 2.17. Due
to special problems when one of the braces buckles, K-bracing and V-bracing, are not
recommended for improving the seismic resistance of building frames 4°. In fact, K- bracing
is prohibited in zones of high seismic risk In the Seismic Provisions for Structural Steel
Buildings - Load and Resistance Factor Design 5. V-bracing is not prohibited, but the
required design strength of V-brace members should be at least 20% larger than would be
required for other concentric bracing systems, thus discouraging the use of such
configurations In selsmic zones. Consequently, dlagonal bracing or X-bracing are the only
concentric bracing systemns that appear to be viable solutions for the retrofit of reinforced
concrete frames.

X-bracing can significantly increase the lateral stiffness and strength of existing
frames. However, the addition of the bracing system can induce high axial forces in beams
and columns which may cause a premature failure in tension or compression of these
members. To prevent such failure, steel jacketing could be provided to augment the axial
load carrying capacity of columns and beams. The use of X-bracing has become popular
for the retrofit of reinforced concrete frames and has been used in Japan, Mexico 25 and
lately in the U.S %2,

In 1987, Bush 5! conducted an experimental study on the behavior of X-bracing as
a retrofit scheme for a reinforced concrete frame. The test specimen consisted of a
prototype reinforced concrete frame with deep spandrels and short columns, as shown in
Fig. 2.18. Braces consisted of modified wide-flange sections of 36 ksl yield strength. In
addition to the brace members, steel collectors (structural tees and steel channels) were
provided around beams and columns to help transfer the brace forces to the existing
reinforced concrete frame (see Fig. 2.18). The collector members were attached to beams
and columns with anchor boits embedded in the frame members. All connections between
steel braces and collector elements were welded to produce a fixed-fixed end restraint
condition for the braces. The effective slendemess ratio of braces was estimated to be 70,
and therefore inelastic buckling of braces was anticipated. The braced frame was tested
under reversed cyclic lateral loading to failure.
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Test results indicated that the bracing system significantly Increased the lateral
stiffness and strength (about six times stronger) of the existing frame. During the test,
second story braces reached yielding and buckied after several load reversals. However,
the uitimate load of the braced frame was reached when one of the welded connections
suddenly failed. The sudden loss of the brace resulted in a load redistribution in which
second story columns were overloaded and falled in shear. The high local deformations
generated by alternate yielding and buckling of braces led to the premature failure of the
welded connection. Thus, while the bracing scheme significantly increased the lateral load
capacity of the frame, the strength and, more importantly, the ductility of the braced frame
was limited by the quality of the welded connections.

In a companion study, Badoux 25 conducted a parametric study on a
subassemblage structure (single-degree-of-freedom-system) representative of a reinforced
concrete frame strengthened with steel braces. The main objective of the study was to
investigate analytically the behavior of the steel-braced reinforced concrete frame under
static cyclic lateral loading. The results of the study indicated that the major advantage of
the bracing retrofit scheme was its ability to increase the strength and stiffness of the braced
structure. However, unless inelastic buckling was prevented, the ductlity of the braced
frame was considered unreliable and such systems should be used with caution. The latter
conclusion added to the substandard performance of the welded connections found in
Bush's tests led, in part, to the idea that inelastic buckling of braces should be avoided in
order for the steel bracing system to be suitable as a retrofit technique. Badoux suggested
that steel braces should be designed with either very low or very high slenderness ratios.
If the slendemness ratio is very low (KL/r < < 50), braces would yield instead of buckling in
compression, and Inelastic buckiing would be prevented. The hysteretic behavior of low
slendemess ratio braces is optimum, and would, at least In theory, provide the structure with
good energy absorption capacity. On the other hand, if the slendemess ratio is very high
(KL/r > 120), such as in cables, braces would buckle elastically and inelastic buckiing would
be prevented.

b) High Sl rness Ratl in tems (KL/r < 12
The use of bracing systems with high slendemess ratio braces have been
discouraged in zones of high seismic risk because of their low energy dissipation



38

capabilities. As illustrated in Fig. 2.16, the compression strength of a brace with high
slenderness ratio is negligible in comparison to the yielding capacity in tension.
Consequently, a bracing system consisting of only high slenderness ratio braces resist
lateral forces almost exclusively through the braces in tension and thus, it is normally
referred to as tension-only bracing system. Under reversed cyclic loading, the concern of
tension-only bracing systems is that during the first yield cycle, braces in tension stretch and
become slack when the loading is removed. When tension is applied in following cycles the
loading may be applied abruptly and may cause premature fracture of the brace. A further
concern is that, if there are only a few braced bays, the bullding lacks redundancy.

The drawbacks of tension-only bracing systems can be overcome if braces are
designed to behave elastically. An elastic design approach would probably require the
braces to resist large axial forces and would call for large brace sizes, f regular stee! were
used. However, with the current availabllity of high strength materials such as steel strands
or alloy steel rods, braces can be designed for high forces with relatively small amounts of
material. In addition braces could be initially prestressed to increase the initial lateral
stiffnress of the frame. The bracing system consisting of initially prestressed high
slenderness ratio braces will be referred to hereafter as a Post-Tensioned Bracing System.
Depending of the level of initial prestress, Initial brace prestressing will allow braces to yield
in tension without becoming slack upon removal of the load. In addition, the initial brace
prestress could help delay, if not prevent, the braces which shorten to become slack under
lateral loads. Thus, initlal brace prestressing would eliminate, or at least significantly reduce
the problems assoclated with the sudden loading on the braces as described above. If
braces are designed to yield under a major event, the bracing system will provide the
building with energy absorbing capacity and the overall response will be reduced. Also, the
high strength of the steel strands and steel rods can provide the building with lateral
strength very efficiently, making the post-tensioned bracing technique an attractive
alternative when lack of strength and stiffness are the main deficlencles of an existing
building.

In addition to improving the behavior of the bracing system, initial brace prestressing
will induce, in general, axial compressive forces in existing columns and beams which can
be beneficial for the flexural and shear behavior of these elements. Whether the forces
induced by initial prestressing of braces are beneficial or harmful to the existing members
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will depend on many factors, such as bracing configuration, brace size, level of prestress,
initial level under gravity loads, etc. These and other aspects of the post-tensioned bracing
system will be discussed in detail in Chapter V.

The post-tensioned bracing system has received little attention among the
engineering community in the U.S. However, the system has already been used in Mexico
City, Mexico, to strengthen low-rise buildings. Fig. 2.19 shows the tendons provided on the
exterior of a two-story school building prior to initial prestressing of braces. A typical
anchorage for the tendons at the foundation level is presented in Fig. 2.20. As can be seen,
the anchorage of the tendons may require modifications to the existing foundations and
possibly the design of special connection devices at the points of anchorage to transfer the
brace forces to the existing structure.

While the post-tensioned bracing system can be a promising technique to increase
the stiffness and strength of existing buildings, there have been only a few studies on the
behavior of the system as a retrofit scheme. Miranda et. al %> % conducted an analytical
study on the use of post-tensioned steel rods as retrofit of reinforced concrete frames. The
study considered typical low-rise school buildings located on the Pacific coast of Mexico
and included earthquake records on firm and soft soll sites representative of major events
of the Pacific Coast of Mexico. The resuits showed that the post-tensioned bracing system
produced significant increases In the stiffness and strength of the low-rise buildings
investigated. The technique was found to be particularly beneficial for soft soll sites where
the increase In stiffness and strength usually resuits in a reduction of the demands imposed
by the earthquake on short-period (low-rise) buildings. The results also indicated that the
system could also be used for buildings located on medium to hard solls, provided that
adequate strength and stiffness was added to the existing buiiding.

Experimental studles on post-tensioned bracing systems have not been reported
to date. In 1980, Sugano et. al reported test results on the strengthening of reinforced
concrete frames using a tension-only bracing system as one of the retrofit schemes studied.
However, the braces used in the study were non-prestressed. The Investigation was
conducted on a one-third scale, single story reinforced concrete frame which was
strengthened with two 28 mm. (= 1.1 in.) diameter steel bars for each brace. The yield



Figure 2.19 Post-tensioned bracing of a low-rise building in Mexico City (tendons prior to
initial prestressing).

Figure 2.20 Anchorage of tendons at the foundation level.
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Figure 2.21 Comparison of original bare frame and braced frame with steel rods In
Sugano's tests (Ref. 67).

strength of the bars was 3080 kg/cm? (= 44 ksi). The frame was subjected to several
cycles of reversed static loading until failure.

In Fig. 2.21, the behavior of the original bare frame and the braced frame tested by
Sugano are compared. The increase in the lateral stifiness and strength of the braced frame
is apparent. Unexpectedly, the hysteresis loops of the braced frame were remarkably stable
with minor pinching after several load reversals, and even after significant yielding of the
braces intension. As described earlier, in tension-only bracing systems braces are expected
stretch and become slack once they yield in tension. The elongated brace then becomes
ineffective in tension upon reloading of the structure until the brace is deformed to its new
length. Such behavior is expected to produce significant pinching of the hysteresis loops
under load reversals. The fact that the original structure exhibited only moderate pinching
of the hystereslis loops does not explain the hysteretic behavior of the braced frame. Close
examination of the connection detalls of the braces suggested that braces may have had
some resistance in compression and dissipated energy either through Inelastic buckling or
ylelding of the connection in compression, or a combination thereof. The latter behavior
would explain in part the hysteretic behavior observed for the braced frame. However,
further experimental studies would be required to support or refute the findings of Sugano’s



42

study. In addition, dynamic loading tests would be required to evaluate the effects on the
braces and the connection produced by the sudden loading that is likely to occur when
braces become slack and are suddenly stressed in tension as described earlier.

2.4.4 Design Strategy for Seismic Retrofit

The selection of the appropriate retrofit scheme for an existing building requires
consideration of economical, architectural and structural aspects. Nonetheless, the criterion
for determining the adequacy of retrofit schemes has been primarily based on life-safety,
although the issue of continuity of operation has been raised as an equally important
criterion for the seismic retrofit of structures 2. The design strategies for the selection of
the adequate retrofit scheme for structures with different combinations of Initial strength and
ductility have been discussed In detail by Jirsa et al. in previous studies 2> %8, The present
section discusses specific criterla that apply to the building frames considered for stud-y.
In the present study, adequacy of the selected retrofit scheme is based exclusively on
providing life-safety to the occupants. Other criteria to select the appropriate retrofit scheme
Is ignored. Under the life-safety criterion, the retrofit of the building centers primarily on the
improvement of the strength and ductility of the existing building.

2.4.4.1 Buildings on Firm Soll Sites

Consider in Fig. 2.22 a typical smoothed response spectra for a single-degree-of-
freedom-system (SDOF) on firm soil conditions for different levels of ductility. The response
spectra represent the design earthquake for which an existing structure needs to be
evaluated. The lateral load and drift relationship for the same structure is presented in Fig.
2.23. The building is assumed to have lateral strength S,, a ductility capacity Bo and a
fundamental period T,,. For simplicity, the ductility capacity of the building will be defined
as the ratio between the maximum allowable deformation and the deformation at yield. The
maximum allowable deformation Is defined as the maximum drift that the bullding can
tolerate without collapse. Using the response spectra shown in Fig. 2.22, the required
strength for the original building with fundamental period T, and ductility , Is C,,
Therefore, the original structure would be considered adequate only if the lateral strength
S, Is greater or equal to the required strength, C,. For the purpose of discussion, it will be
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assumed that the lateral strength of the original structure, S, is less than the demands of
strength, C,,, and therefore the original building is rendered inadequate.

To improve the behavior of the original building, the structure is strengthened with
retrofit scheme, R,, which provides the existing building with an increased lateral strength.
The load and drift relationship for scheme R, is indicated in Fig. 2.23. In the following, it is
assumed that scheme R, has lateral strength Sg, equal to the demand C, required for the
original building above. The ductility capacity of scheme R1, ug,, is assumed to remain the
same as that of the original bullding, i.e. pg, = B,. As a consequence of the retrofit, the
initial stiffness of the building Is increased and the fundamental period of the retrofitted
building is shortened to Ty, (it is assumed that the retrofit does not involve significant
modifications to the mass of the building). According to the response spectra of Fig. 2.22,
the required strength for the building with retrofit R, with period Try and ductility pg, = u,
is now C;, which Is greater than the strength of the retrofit building Sp, = C,. Thus, even
though the retrofit scheme augmented the lateral strength of the existing bulliding, the
increases In lateral strength are offset by the increases in the demands of strength due to
the shortening in the fundamental period of vibration of the structure.

The behavior described above will be typical of many of the retrofit situations for
buildings with a medium to short fundamental periods of vibration located on firm soils. In
such cases, the retrofit scheme would be adequate only if the increases In lateral strength
provided by the retrofit scheme are larger than the increases In the demands of strength as
indicated above. Clearly, a retrofit scheme which provides an increase in both lateral
strength and the ductility capacity of the building will have a better chance of being a
successful scheme. Such is the case of retrofit scheme R,, which has lateral strength Sg,
and a ductility capacity pp,, as shown in Fig. 2.23. For the purpose of discussion, the
ductility capacity ug, will be assumed to be equal to B4. The fundamental period of scheme
R, is Ty, and is shorter than that of retrofit scheme R,. As shown in Fig. 2.22, because of
the larger ductility of scheme R,, the required strength for scheme R, with fundamental
period Tg, is C,, which Is smaller than the strength C; required for scheme R, above.
Retrofit scheme R, need only satisfy strength demaﬁds C,, and will be adequate as long as
the lateral strength Sp, is greater or equal to C,.
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For building with longer periods of vibration (tall frame buildings) the design
strategles may be somewhat different than those described above. Consider In Fig. 2.24,
the displacement response spectra derived from the smoothed pseudo-acceleration
response spectra for the SDOF system shown in Fig. 2.24. Previous studies 5° have shown
that there exists a period range in which the maximum Inelastic displacement is
approximately the same as the elastic displacement, regardless of the lateral strength of the
system. However, the system must have enough ductility to achieve the maximum inelastic
displacement. Such a period range corresponds in practice to buildings with refative long
periods of vibration and it is represented by the horizontal line of the displacement response
spectrum shown in Fig. 2.24. Notice in Fig. 2.22 that In the long period range the demands
of strength show little variation for different ductilities. In the medium to short period range,
displacements are reduced with a shortening in the period of vibration of the building. Also,
for buildings with short periods of vibration, maximum inelastic displacements Increase with
increasing ductliity of the system.
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Figure 2.24 Smoothed displacement response spectra for firm soil conditions.
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Consider in Fig. 2.24, an existing building of fundamental period T; and a possible
retrofit scheme with fundamental period T;. As shown in Fig. 2.24, the maximum
displacements for the original and retrofitted structures would be the same, even though the
retrofit scheme may significantly increase the strength and ductility of the system. Assuming
that damage and displacements (drift) are interrelated, the fact that inelastic and elastic
displacements are the same for the long period range indicates that stiffness (fundamental
period) of the retrofit scheme would control damage to the structure, while increases in
strength could be relatively unimportant. The observations presented above suggest that
forlong period structures the retrofit strategy should be orlented towards Increasing stiffness
of the existing building rather than increasing its strength, which in some cases may require
significant changes in the structural system of the building.

2.4.4.2 Buildings on Soft Soil Sites

Consider in Fig. 2.25 a smoothed design spectra for SDOF system on soft sofl
conditions similar to those found in the clay deposits of Mexico City 4 Under these
conditions, maximum demands of strength occur for structures in the medium to long period
range. Consider the same original and retrofit schemes described In Fig. 2.23. Unlike the
observations made for the buildings on firm soils, an increase in lateral stiffness of the
existing structure (period shortening), results in a decrease on the demands of strength.
Thus, both retrofit schemes, R, and R, are likely to perform adequately under the design
earthquake. However, it must be remembered that inelastic behavior causes the period of
vibration of the building to elongate during the response. Thus, for buildings with schemes
R, and R, the elongation in the period of vibration will resuit in an increase in strength and
displacement demands. If lateral deformations are not limited during inelastic response, the
building may go into resonance and perform inadequately despite the retrofit.

For buildings in the long period range, the design strategles are expected to be
similar to those anticipated for buildings with medium periods of vibration on firm soil
conditions discussed above. Because long period structures (T, and Tg) are located to the
right of the maximum response of the system, an increase in lateral stiffness will result in an
increase in strength demands, as shown in Fig. 2.25.



47

- Period Range
ﬁ short medium ' long
o Elastic
T
m
9 Bo Fo < £1
O B4
= .
2] Co :
(7] cO -------- 0 +
| (] ; {
0 Tr Ths T, 2 T T; 4

FUNDAMENTAL PERIOD (secs)

Figure 2.25 Smoothed pseudo-acceleration response spectra for soft soil conditions.
scheme that Is adequate for firm soil conditions may be inadequate under soft soils and

vice-versa.

The design principles presented above are based on the behavior of SDOF systems
and should be interpreted as a tool to estimate the overall behavior that can be expected
for buildings. The dynamic response of multi-story buildings includes many different aspects
such as higher modes of vibration, variations of stiffness and strength with height, etc, that
are difficult to represent with SDOF systems alone, particularly if inelastic response occurs.
The present study is aimed at providing new information on the selsmic retrofit by examining
analytically the inelastic dynamic response of several possible retrofit techniques for frames
of reinforced concrete. As discussed earller in Chapter |, the study focusses on the behavior
of post-tensioned bracing systems, but also includes the performance of X-bracing systems
and the addition of structural walls.



CHAPTER Il
BUILDING MODELING TECHNIQUES

3.1 GENERAL

In this chapter, the analytical models used to idealize the inelastic behavior of the
reinforced concrete members and steel braces of the buildings selected for study are
presented. The hysteretic behavior of such members is examined, and, main properties and
parameters used in the inelastic models are presented. Also, basic assumptions involved
in the modeling of‘the building structures are discussed. The effects of foundation materials
on building response are briefly introduced and the procedure adopted to include soll-
structure interaction effects is described.

Current modeling techniques of the inelastic behavior of members may vary from
refined non-linear finite element analyses to more discrete models that involve the use of the
so called non-linear beam elements in which inelastic behavior is assumed to be
concentrated at specific locations in the member. Ideally, inelastic models should be
developed using basic material behavior (stress-strain relationships) combined with
mechanics principles to predict the behavior of any structural member subjected to any
loading condition. One such ideal model is the fiber or layer-by-layer technique, which can
be used to predict with accuracy the inelastic behavior of members, particularly under static
loading conditions. However, the application of this technique (or finite elements) for the
dynamic analysis of structures demands significant computational effort and becomes
particularly inefficient for the analysis of multi-story structures under earthquake loading. In
addition, for moment resisting frame structures, inelastic behavior is, in general,
concentrated at the column (beam) ends, which makes the use of non-linear beam elements

‘an attractive modeling technique. Consequently, significant research effort has been
devoted to the development of these simpiified models which are based primarily on
numerous experimental observations *¢. Because of the ease of use, the simplified modeling
technique was selected for the analyses conducted in the present study.
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3.2 COMPUTER PROGRAM

Analysis of the structures considered in this study was carried out using a modified
version of the DRAIN - 2D computer program 18 originally developed at the University of
California, Berkeley. The program consists of a ‘base® subroutine (which essentially
determines the displacement response of the structure) and a series of element subroutines
that are intended to idealize the behavior of different types of structural members (reinforced
concrete, steel beam-columns, braces, etc). Three element subroutines were used to model
the behavior of the structural members required by the present study, namely: reinforced
concrete beams, columns, and structural walls, and steel braces. The main features,
background information and the modifications that were introduced to these subroutines to
idealize the behavior of these members are presented in detail in the following sections.

The main assumptions considered in the analytical models include the following:

a) The buildings are idealized as a series of planar frames connected at each floor
level with a rigid diaphragm.

b) Masses are assumed to be lumped at the nodes of the elements at each floor
level.

c) Elastic axial deformations of column and wall members are included In the
analyses.

d) Elastic shear deformations of beams, columns and walls are included.

e) The joint region of beams Is assumed infinitely rigid.

f) The effects of gravity loads and initial prestressing on the elements are
considered as initial member end actions. Any end forces due to dynamic
loading are simply added to these initial forces.

g) Torsional response of the building is neglected.

h) Earthquake excitation Is defined only in the horizontal direction and all support
points are assumed to move in phase.

i) Secondary moments due to P - A effects are neglected in the analyses.
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3.2.1 Algorithm of Solution and Integration Interval

The dynamic equilibrium equations of a muiti-degree-of-freedom, MDOF, system
subjected to a ground acceleration can be written in its incremental form as:

[M]{aG} + [Crl{Ad} + [Kr] (A} = -[M]{ A, } @)

in which [M] is the mass matrixand [Cy], [Ky] are the tangent values of the damping
and stiffness matrices of the structure in its current state. The vectors { Ad, }, { Ad, },
{ Au  } are finite increments of the acceleration, velocity and displacement, respectively,
relative to the ground. The vector { Ad g } represents finite increments of ground
acceleration, in which terms appear only for the horizontal translation components of the
acceleration.

To solve Eq. 3.1, the constant acceleration method 89 was adopted in the program.
The accuracy of the constant acceleration method, as in any step-by-step integration
procedure, depends largely upon the time integration interval. Although the DRAIN -2D
program includes some provisions to avoid the systematic accumulation of errors within
each time step (equilibrium unbalance due to changes in the yield status of the structural
elements), an adequate time step is essentlal for the accuracy of the calculated response
of the structure. Clearly, greater accuracy can be expected as the integration time step Is
reduced. On the other hand, it is important to select as long a time step as possible in
order to minimize the computational effort. To determine an appropriate time step, several
trial analyses were conducted on the building structures with different time integration steps:
0.02, 0.01, 0.005 and 0.001 seconds. A comparison of the response of the building using
these time steps revealed that time steps of 0.02 and 0.01 seconds resuited In a significant
accumulation of errors. However, the response of the structure showed no appreciable
difference when integration time steps of 0.005 and 0.001 seconds were used. Based on
these results, it was concluded that an integration interval of 0.005 seconds yielded
sufficiently accurate results and it was therefore used for all subsequent dynamic analyses
of the buildings.
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. 3.2.2 Viscous Damping
Damping Coefficients
Damping of the structure is considered in the analyses through the damping matrix
[C 1 1. (See Eq. 3.1), that represents the amount of viscous damping present in the

structure. In this study, it is assumed that the viscous damping matrix [C+] s a linear
combination of the mass and stiffness matrices (Rayleigh damping), as follows:

(Cr] = a [M] + B [K;] (3-2)

in which ¢ and p are coefficients to be specified for the desired amount of critical damping.
Note in Eq. 3.2 that the stiffness matrix will change every time the stiffness of a structural
element varies, and the damping matrix will be updated accordingly. If the system is
assumed to be uncoupled into normal modes, the amount of critical damping can be
specified at two different periods of vibration through the following relationships:

,,:4“(7;51'7-151)
le_TIZ

(3.33)

_TT(TE-TE)
(T - T7)

(3.3b)

in which T; and T; are the periods for two selected modes of vibration of the structure, and
§; and €, are the damping ratios to be specified for the selected two modes. Typically, T
and 1} are selected as the first two modes of vibration of the structure, which largely
dominate the dynamic response of building structures.

Figure 3.1 shows the relationship between the damping ratio and period of vibration
that is obtained using Egs. 3.3a and 3.3b. Note that ¢ 1 and § , can be specified to have
the same value, in which case the first two modes of vibration will have the same amount
of damping. The procedure described above will in general yield sufficiently accurate results
for the elastic analysis of building structures. In such analysis, the stiffness matrix remains



unchanged and the specified amount of
damping remains the same during the
entire response of the structure. In an
inelastic analysis, however, the yielding and
stiffness degradation of structural elements
will increase the flexibility of the structure.
Consequently, the fundamental period of
the structure will increase with increasing
inelastic behavior, and so will the damping
ratio associated with the fundamental mode
of vibration (See Fig. 3.1). The increase in
damping will depend on the amount of
inelastic behavior undergone by the
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Damping Ratio

Figure 3.1 Relationshlp between damping
ratio and period of vibration for
Rayleigh damping.

structure and on the particular relationship between the damping coefficients «, s and the

periods of vibration of the structure.

To minimize the influence of inelastic behavior on the amount of damping, and

ultimately on the overall response of the building, the damping coefficients «, s were
determined so that minimum damping was obtained for the fundamental period of vibration

of the structure, as shown by the solid line
in Fig. 3.2. Clearly, higher modes of
vibration of the structure are heavily
damped in this case. An additional
improvement can be acquired by modifying
the damping coefficients so that the
resulting curve has a more gradual
increase in damping with increasing
fundamental period of the structure, as
shown by the dotted line in Fig. 3.2. The
latter procedure is tedious, time consuming
and it does not always yield a better

Damping Ratio

Period

Figure 3.2 Criterion for selecting minimum
damping for the fundamental
mode of vibration.
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refationship without introducing excessively large damping ratios for higher modes of
vibration.

Several analyses were conducted on the buildings using the two criteria presented
above for determining the damping coefficients; i.e.: First, by directly applying Egs. 3.3a and
3.3b with £ ; = § 5 Second, by specifying minimum damping ratio for the fundamental
period of vibration of the structure, £ ; = £ o, (solid line in Fig. 3.2). The target value for
the damping ratio was in both cases 2%.

The analyses using the damping coefficients defined above indicated in all cases an
increased response when the second criterion was used (i.e. when minimum amount of
damping is specified for the fundamental period, & 1 = & mip)- The adjustment introduced
to the relationship (dotted line in Fig. 3.2) showed, in general, little effect on the response
of the structures. On the basis of these resuits and on the simplicity of the method,
damping coefficients were specified using the second criterlon described above; & min for
the fundamental period of the structure. In addition, the latter procedure yields results that

are conservative.

Damping Values for Building Structures

Viscous-damping is probably one of the most important parameters in the dynamic
response of structural systems. While the many sources of damping have been identified
qualitatively, recommended values for viscous damping to be used in dynamic analyses to
mimic observed response abound. It is important to realize that many of the suggested
values are intended for the elastic analyses of structures. In such cases, sources other than
pure viscous-damping, such as hysteretic damping, are introduced as an “equivalent”
viscous-damping, which result in larger amounts of viscous-damping than those really
associated with material viscosity 2. While the validity of this simplification is debatable,
hysteretic damping is already accounted for in the present study through the inelastic
response of structural members.

Recommended values of viscous-damping for reinforced concrete structures vary from
2 to 10 % depending on the level of deformation and strain induced In the structure.
Previous studies 2?2 have measured damping values as low as 2% in low amplitude tests
and as high as 11% in structures subjected to extensive inelastic behavior. Based on these
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results and assuming that viscous-damping is the main source of damping in low amplitude
tests, a value of 2% of viscous-damping was adopted for the analyses of the present study.
This value will in general yield conservative results. Note that the 2% value of viscous-
damping corresponds to the structure in its fixed-base condition, and it will be subsequently
modified to include the effects of soil-structure interaction as discussed in the following

sections.

3.2.3 Reinforced Concrete Members - Beams and Columns

Inelastic behavior of beam and column elements was idealized using the one-
component model, originally presented by Giberson 3. The element model possess flexural
and axial stiffness; however, all inelastic deformations are assumed to be concentrated in
plastic hinges at the element ends. Structural members are idealized by a linear elastic sub-
element connected to nodes by non-inear rotational springs, as shown In Fig. 3.3. All
inelastic deformations are introduced by means of moment - rotation relationships for the
non-linear springs, while elastic
deformations are considered by the central linear elastic element

element.
M;j C ) M J
To model the inelastic behavior of I f
reinforced concrete members under

inelastic rotational springs
reversed cyclic loading, a modified version pring
, 24 Figure 3.3 One-component model of non-

of Takeda's model <* was adopted. The linear element.

model assumes a bi-linear relationship in

which the Initlal stifiness and strain "4 2 oy
hardening ratio are determined from M;-— 1

monotonic loading conditions for flexural

deformations only. Figure 3.4 illustrates B . A « 8 .
some of the main features of the hysteretic =~ 7 38 9
laws for the moment - rotation relationship ) / 1 u:

atthe element ends obtained with Takeda's 5 ‘ !

model. This model can include stiffness v

Figure 3.4 Moment - rotation relationship
degradation upon load reversals, but it for Takeda’s model.
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does not include strength degradation of the member. In order to mode! the failure of
members which lack adequate strength and ductility (such as those encountered in older
construction), the existing version of Takeda’s model was modified to include two specific
modes of failure: anchorage failure of flexural reinforcement and shear failure of members.

3.2.3.1 Modeling of Members with Anchorage Failure of Flexural Reinforcement

The maodifications introduced to the Takeda's model were intended to represent the
failure of the short embedment lengths that are encountered for the bottom flexural
reinforcement of beams. At the same time, it was impartant to be able to use the same
model to represent the failure of short lap splices in column members. Typically, these
modes of failure are characterized by a sudden loss of the flexural strength of the section
after reaching peak moment capacity. To idealize such behavior, an additional segment with
a negative slope following peak moment capacity of the member was introduced as part of
the moment-rotation envelope. The main features of the moment - rotation envelope and
the hysteric laws for the modified model are illustrated in Fig. 3.5. In this figure, M p
represents the maximum (peak) moment capacity of the member and it can be specified to
be greater than or smaller than the yielding moment capacity. In the latter case, initiation
of inelastic behavior can be specified for the cracking moment, as indicated in Fig. 3.5.
Note that a residual moment M ; and rotation 6 , variables have been specified at the end
of the descending branch that are used to specify the slope of the segment. Once the
residual moment Is reached an additional segment with a very small negative slope is
defined, mainly to prevent moment reversal with increasing rotation.

Basic hysteresis behavior of the modified model Is similar to that of the original Takeda
model. However, notice that once the member has reached the peak moment capacity, it
never recovers its original strength (segments 1 - 2 and 2 - 3 in Fig. 3.5). Upon unloading
and loading in "negative” bending the member follows segments 3 - 4 and 4 - 5. The slope
of segment 3 - 4 may be different from that of 0 - 1 to account for stiffness degradation of
the member. At point 5, the member reaches its peak moment capacity in "negative"
bending and follows segment § - 6, whose slope may be different from that of segment 2-3.
At point 6, the member reaches its residual moment capacity, and further loading of the
member in negative bending resuits in segment 6 - 7. If the moment is reversed at point 7,
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Figure 3.5 Modifled moment - rotation envelope and hysteretic laws for reinforced
concrete elements.

the member follows segments 7 - 8 and 8 - 9. The bending moment level at point 9
corresponds to that prevailing when the member was unloaded during the previous cycle
(point 3). Further loading in "positive™ moment and then unloading results in segments 9 -
10 and 10 - 11, respectively.

The model does not include "pinching" of the hysteresis loops which many reinforced
concrete members exhibit during large cyclic deformation reversals. However, for members
which exhibit limited ductility (such as those found in older construction), *pinching” of the
hysteresis loops have been shown to have only minor influence on the response of the
building *©. The effects introduced by the strength degradation of the member are believed
to be much more important in the response of the building than those introduced by
*pinching" of the loops. Thus, the latter effects were not considered in the present study.

3.2.3.2 Modeling of Members with Failure in Shear

A varlety of models have been proposed to emulate the shear failure of reinforced
concrete members. One such model considered the shear failure of reinforced concrete
members by using an element similar to the one described in the previous section 24. Inthis
model, shear failure of the member is fictitiously introduced by activating the descending
branch of the moment - rotation relationship at both ends of the member when the specified
shear capacity is reached. The disadvantages of this technique are that it assumes that the
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member is subjected to equal and opposite end moments at all times, but most importantly,
it introduces negative stiffness coefficients at both ends of the member. Since shear failure
of columns and anchorage failure of reinforcement in beams is anticipated for the buildings
under study, the use of such a model will likely result in a negative stiffness coefiicient in the
diagonal of the stiffness matrix (rotational or translational). This numerical condition cannot
be solved with the current solution algorithm of the DRAIN - 2D program.

An alternative model that eliminates the problem of introducing negative stifiness
coefficients upon shear failure of the member consists in the use of a secant shear modulus,
G, which is modified according to previously established hysteretic laws 2. Nonetheless,
to introduce such a model to the program it was essentially required to write an entire new
subroutine. While such a model could reasonable represent the strength degradation that
follows the shear failure of reinforced concrete members, the derivation and subsequent
calibration of such model are beyond the scope of the present study.

Because of the brittle and sudden nature of the shear failure, such failure cannot be
allowed in the design of earthquake resistant structures. The purpose of including a shear
model for the evaluation of existing structures was aimed at determining the strength of the
building and the consequences of the failure of some members in the response of the
structure, rather than predicting the behavior of members failing in shear. Therefore, a
simpler, more direct approach was adopted.

In deriving a model for shear failure of reinforced concrete members, it was assumed
that the member loses its lateral strength completely after reaching peak shear capacity.
Such assumption is based on numerous tests of reinforced concrete columns such as the
one shown in Fig. 3.6. in this figure, it can be seen that the loss of strength of the member
within one load cycle after reaching peak shear strength is about 50%. Strength and
stiffness degradation in following cycles is apparent. The shear failure of the members was
introduced in the program by removing from the stiffness matrix all stiffness coefficients
associated with the lateral strength of the member, leaving only its axial stiffness. The
remaining axial capacity of reinforced concrete members after a shear failure has not been
fully investigated and needs further experimental evidence. Previous tests on short columns
have shown that the axial compression load increases the rate of strength degradation after
peak shear capacity 73, The tests also showed that columns with axial loads of 20% of the
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= Simplified
Model

Figure 3.8 Typical hysteretic behavior of shear dominated behavior in short columns (Ref.
73), and simplified model.

uitimate compression capacity were able to sustain lateral drifts of at least twice that at peak
shear capacity with no sign of axial failure 2573, On the basis of the available data it seemed
reasonable to assume that the member would be able to maintain part of its axial stiffness
and strength (at least in compression) after reaching peak shear capacity. With this model,
the behavior of the element after shear failure is essentially that of a truss element. Figure
3.7 illustrates schematically the modeling of such a failure with the model.

Members failing in shear

Figure 3.7 Simplified model of reinforced concrete members failing in shear.
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To satisfy equilibrium, the forces being resisted by the element prior to failure are
transferred to the remaining structure as member end forces in the following time step.
Although the model described above does not accurately represent the behavior that follows
the shear failure of the member, it is believed that it adequately represents the effects of
member shear failure in the response of the structure and the sudden transfer of forces to
the rest of the members in the structure.

3.2.3.3 Modeling Parameters and Procedure

Moment - rotation relations are obtained by direct integration of the moment -
curvature relationships. In determining these properties, it is assumed that the bending
distribution of the member is such that the point of inflection remains fixed at mid-span
during the entire loading history. Such distribution approximately corresponds to the elastic
moment distribution in frame members under lateral loads. The simplification is introduced
in the model to avoid load path dependency of the stiffness coefficients of the rotational
springs.

Moment - curvature relationships are computed for critical sections of the members
using the program RCCOLA *3. In this program, the stress - strain relationship proposed
by Park and Kent ' was used to idealize the behavior of concrete. Steel - strain relationship
of the reinforcing bars was Idealized as shown in Fig. 3.8. In beams, a portion of the slab
was assumed as a compression flange to compute the flexural behavior of the member.
The effective flange width followed current ACI-318 committee recommendations 4. The
contribution of slab reinforcement was not

A
included in the calculations for the beam r
capacity in "negative® moment. 15F E,

Esh
To account for the effects of gravity g Fy
loads on the flexural behavior of columns, 5 Eq = 29000 ksi
moment - curvature relationships were (E‘G"r:d;ozg &60)
calculated for the axial force level carried . —
€, 0.008 0.08

by each column as obtained from a gravity Strain (%)

load analysis of the building. Axial load in Figure 3.8 Stress - strain relationship for

beams was neglected in the calculation of reinforcing bars. Grades 40, 50
and 60.
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the moment - curvature relationships in all instances, including the case of braced frames.
As indicated earlier, the effects of gravity loads were incorporated in both static and dynamic
analyses of the buildings by initializing the member end forces (bending moments and shear
forces). The influence of these initial member actions on the response of the members will
depend upon the ratio between the gravity induced forces and the "yielding" strength of the
member, and it is, in general, more relevant in beams than in columns. The presence of an
initial "negative” bending moment in beams will delay moment reversals at the beam ends,
but it will cause early yielding of the sections where "negative" moments from gravity loads
and earthquake forces add together.

For sections in which yielding is anticipated, the DRAIN - 2D program 8 requires that
the properties of the non-linear springs at the member ends be based on bi-linear moment -
rotation envelope. In the present study, the continuous moment - curvature relationships
obtained from the program RCCOLA '8 were fit to a bi-linear relation, by defining the yield
moment as that causing first yielding of the tension reinforcement. Initial effective flexural
stiffness of the member (El) was obtained directly from the fit bi-linear moment - curvature
relationship. However, when the member exhibited different yield moment capacities for
"positive” and "negative® bending, the initial stiffness was determined by averaging the initial
stiffness of opposite ends (this procedure was based on the assumption that the member
is expected to be bent in double curvature). Notice that on the basis of this procedure,
reinforced concrete members are assumed to be initially cracked.

To determine the anchorage capacity of reinforcing bars with short embedment lengths
or short lap splices, the relationship proposed by Orangun et al. '° was adopted:

f, = %’f',[f'—,( 12 + 375 R 52:" . 5:6';7:1") (3.4)
in which:
d, = bardiameter (in)
I 4p = splice or development length (in)
c = cover parameter (in)
tr = area of transverse reinforcement resisting splitting (in 2 )
s = spacing of transverse reinforcement
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f. = concrete cylinder strength (psi)
f

]

yt yield strength of transverse reinforcement (psi)

The above relationship provides an accurate estimate of the maximum stress that can
be developed by a reinforcing bar prior to an anchorage failure under monotonic load
conditions. However, recent tests have indicated that this relationship still provides accurate
estimates under reversed cyclic loading 3 Using this relationship the maximum moment
capacity of sections having an anchorage failure can be estimated. Such moment capacity
was assigned as the peak moment capacity of the member to be used in the model
described in section 3.2.3.1.

For sections in which pull-out of reinforcement or a splice failure was anticipated, the
moment - rotation relationships were based on bi-linear or tri-linear relationships, depending
upon whether such failure occurred prior to or after flexural yielding of the sections.
Because the failure modes of the members in the buildings considered for study vary
considerably, the parameters and procedure adopted to represent member behavior are
presented in detail for each of the buildings analyzed in Chapter IV.

Shear capacity of the members was estimated using the provisions of the AC! code®.
Joint shear capacity was estimated using the recommendations of the ACI-ASCE committee
3527,

3.2.4 Reinforced Concrete Members - Structural Walls

As discussed in Chapter I, infill panels can substantially increase the lateral stiffness
and strength of existing frame buildings. These infill walls can be effectively anchored to the
existing frame structure by using dowels along the wall-frame interface and by providing a
reinforced concrete jacket around existing columns. Such construction procedure allows
for the composite action between the new infill wall and the existing frame. In this study,
full composite behavior is assumed and the addition of infill panels is considered to produce
a structural wall (or shear wall) in which the boundary elements are the columns of the
existing frame. To model the structural wall a wide - column analogy (column with inertia
of the wall and rigid beams at each floor level- see Fig. 3.9) is used. Inelastic behavior of
wall elements was modelled with the same element used for the beams and columns



62

described above. However, unlike beam
and column elements, walls are expected R i RIGID BEAMS
to deformed in single curvature rather than
in double curvature, unless the walls are PR
connected with very rigid and strong +
beams (coupled walls). To idealize the KREXRRRR

single curvature behavior of the wall, each 1
wall element is subdivided in short sub-

CRIRIRRAIRIRRRD]
elements within each story level as shown -Q
T«—— WALL SUBELEMENTS
in Fig. 3.9. By using this procedure, the 2
e Y

variation of bending moment over the
length of any yielding element is small and

each sub-element is subjected to nearly a Figure 3.8 Wide - Column analogy used to
constant moment. Under these model structural walls.

assumptions, it is reasonable to assume

WIDE - COLUMN ANALOGY

that the moment - curvature and the moment - rotation relationships are directly
proportional. In this study, the number of sub-elements was determined so that the
difference in moment between the sub-element ends varied within 10%. Because of the
larger gradient of moment at the base of the wall, a larger number of sub-elements was
required for the lower stories of the building.

Wall stiffness and strength typically were varied over the height of the buildings. The
addition of structural walls to the frame structures considered in this study almost always
resulted in a significant increase in stiffness and strength of the existing frame. Thus, walls
added a significant contribution to the overall lateral stiffness of the building and an accurate
estimation of the wall stiffness was critical in the evaluation of the response of the structure.
Since a bi-inear relationship was used to idealize the behavior of the wall, the uncracked,
cracked, and yielding stages of the wall could not be considered simultaneously with such
amodel. The wall sub-elements were therefore considered either in the uncracked/cracked
or cracked/ylelding stages. The actual bending stiffness of each wall sub-element was then
determined on the basis of the maximum level of moment attained during a given seismic
event. This procedure required several analyses to obtain convergence between the
assumed properties and those experience by the elements during the seismic event.



3.2.5 Steel Brace Elements
3.2.5.1 High Slenderness Ratio Braces (KL/r > 120)

Inelastic behavior of high slenderness ratio braces (steel strands or steel rods) was
idealized using the truss element model of the DRAIN - 2D program. The truss element
model is a two-component model, in which the only element deformation considered s its
axial deformation. Inelastic behavior of the
element adopted for this study considered

yielding in tension and elastic buckling in Ma‘\ Force

compression, as ;hown in Fig. 3.10. The F

behavior of the element in compression is

thus non-linear elastic; i.e. the loading and

unloading paths are always the same, even

after the element has reached its assumed ‘ N
buckling capacity (segments A-B and C-D A_‘_"é/ P, 64_,_{) Elon;aﬁon
in Fig. 3.10). Y

Because of the high slendermess ratio  Figure 3.10 Element behavior for high
slenderness ratio braces

of steel rod or strand braces, thelr buckling (KL/r > 120).
capacity is negligible. While a bundle of
steel strands or steel rods may possess some strength in compression, the magnitude of
the capacity in compression Is insignificant compared to their yielding strength in tension.
Therefore, the compression capacity of these type of braces was assumed to be zero in the
analyses. Strain hardening effects after yielding in tension can be included, and were

considered in the analyses as described in the following section.

Initial prestressing of the truss elements was considered by specifying initial fixed end
forces. These forces are algebraically added to those obtained from gravity loads in order
to include the combined action of these two main sources of initial forces in the structure.

Modeling Parameters and Procedure

Two different types of prestressing steel, commonly used in the prestressing industry,
were considered for the braces. These are: high strength steel rods with a nominal ultimate



strength of 178 ksi and steel strands of

nominal ultimate strength of 250 Kksi. 300 | l

Strands ( G250)
Typical stress- strain relationships for these 250 =
two materials are presented in Fig. 3.11.  ~ og4 ~
Also shown In this figure Is the stress-strain = L// Rods (G178)
refationship for conventional Grade 60 ksi § 180 i
reinforcing steel for comparison. The main 8 100 Flobar(Gr. el
characteristic of prestressing rods and 50 |
strands is thelir high yield point and ultimate | | ‘ ('-lo'l"’ dlb) .
strength. Steel rods considered In this 0 2 4 6 8 10
study possess a yleld point of about 156 Elongation, (%)

ksl and a steel plateau that Is well defined Figure 3.11 Stress - strain relationships for
as shown in Fig. 3.11. Steel strands, high strength and conventional rebar steels.
however, do not exhibit a yleld plateau and possess an equivalent yield stress level of about
235 ksl (as defined by the strain at a stress of 1%).

While yielding and ultimate strength of prestressing steel (rods and strands) is much
higher than that of conventional steel, its elongation at ultimate is lower, particularly for
strands. Steel rods can develop up to 6 % elongation at uitimate compared to only 4% for
strands (ultimate elongation values are based on a gage length of 10 times the bar
diameter). Because steel rods present a well defined yield point followed by a flat plateau,

an elasto-plastic model was appropriate to 25071 -

represent the behavior of rod braces for 230 Iﬂ”ﬁ:\ t:&Ll
elongations up to about 1.1%. For steel 210 / WM.-G%)-
strands, however, such a simple mode! may :32 190 / ! !

not be representative of the stresses and 7 /la-zsooom
deformations in the braces. To emulate the g 170

gradual change of stiffness of strands ‘50} o~

beyond the elastic range with a bi-inear 20|/ A

model, a slope equal to 3% of the initial : ! . < :
modulus of elasticity was adopted as strain Elongaton, (%)

hardening, as shown in Fig. 3.12. Thisslope Figure 3.12 Idealized stress - strain

reasonably predicts the stresses in the reélationships adopted for strands.
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strand for elongations up to 2.5 %, but will probably overestimate stresses for elongations
beyond 3%.

As will be discussed in Chapter V, maximum total elongation for these types of braces
is not expected to exceed twice the deformation at yielding, and the selected model will be
appropriate as long as the aforementioned deformations are not exceeded.

3.2.5.2 Medium Slenderness Ratio Braces (50 < KL/r <120)

Behavior of steel braces with medium slenderness ratios was idealized with the
buckling element of the computer program. The model, originally developed at the
University of Michigan, Ann Arbor, presents a multi-linear hysteresis model for axlally loaded,
pin - ended bracing members 2. The model is based on extensive experimental evidence
on different types of concentric braces, primarily hollow square tube sections and, single
and double angle sections. Hysteretic laws of the model include an elasto-plastic behavior
of the element in tension and the post-buckling behavior observed for these types of braces,
as discussed in Chapter ll. Such post-buckling behavior consists of a continuous reduction
of the initial buckling load capacity with repeated cycles. However, it has been observed
that after a few cycles the buckling capacity appears to become stable at a small fraction
of the initial buckling load, referred to as residual buckling load in the present study.

Figure 3.13 shows the basic hysteretic behavior of the buckling element. In this figure,
the load level P ., corresponds to the buckling load capacity under monotonic loading and
it can be reached only once during the entire loading history. After the member buckles at
the load level P ., the member follows segment 3 - 4 of negative slope, which represents
the strength degradation that follows Initial buckling of the member. The slope of segment
3 - 4 is defined by the residual buckiing capacity of the member, P ., and a compression
displacement equal to five times the tension yield displacement, A vy These parameters are
both based on experimental results 22, Upon reversal of the load at point 4 and reloading
in tension, the member follows segments 4 - 5, 5 - 6 and 6 - 7. Point 6 is irtroduced in the
model to represent "pinching® effects that follow post-buckling behavior of the member.
Note that point 7 differs from paint 2 to include the effects of strength reduction due to
repeated cycles.
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Figure 3.13 Element behavior for medium slenderness ratio braces. (50 < KL/r < 120)

Unloading in tension and reloading in compression results in segment 8 - 9. The load
at point 9 corresponds to that prevailing when the member was unloaded in the previous
compression cycle (point 4). The member follows then segment 9 - 10, which has the same
slope as that of segment 3 - 4. At point 10, the member reaches its residual buckling load,
P ., and continues in compression following segment 10 - 11. If the axlal load is reversed
at point 11, the member follows segments 11 - 12 and 12 - 13. As above, point 12 reflects
"pinching” of the hysteresis loop. Further loading in tension and then unloading in
compression results in segments 13 - 14 and 14 - 15. The load at point 15 corresponds in
this case to the residual buckling load of the member, P .

The parameters that govern the hysteretic laws of the model presented above are
largely based on empirical relationships, some of which have been directly incorporated into
the element subroutines. The description of all the variables involved in the development
of the model can be found in detail in Reference 29. However, main parameters that control



67

most of these laws are the yield load, F v the buckling load, P ., the residual buckling load
capacity, P ., and the effective length of the member, KL. As indicated above, the initial
buckling load, P ., corresponds to the compression capacity under monotonic loading and
can be calculated by using the provisions of the Load and Resistance Factor Design (LRFD)
for steel construction 3. The residual buckling load, P, is in general specified as a fraction
of the buckling load for the first cycle, P ., and varies from 20% to 60% of the initial
buckling capacity depending upon the effective slenderness ratio of the member 2. For
tubular sections, the residual buckiing load can be taken as 3':

P. = (0.4 - 0.0025 % YP,  for %«20 @3.5)

in which:

P = residual buckling load

r
= buckling load for the first cycle

Pc

K = effective length factor

L = unbraced length of member
r

radius of gyration

and due to the absence of more specific data, the same expression was adopted to
compute the residual buckiing load for double-angle sections.

Effective length factors for concentric bracing are influenced primarily by the rigidity
of the end connections and the connection at the intersection of the two braces. These
factors vary depending upon the cross section of the brace member and also vary for in-
plane or out-of-plane buckling. For X-bracing, several values have been proposed 32 for
single and double angles, and for tubular sections, with effective length factors ranging from
0.425 to 0.5 for in-plane buckling and from 0.5 to 0.85 for out-of-plane buckling (effective
length factors apply to the full brace length). In the present study, effective length factors
were considered as 0.5 for in-plane buckling and 0.67 for out-of-plane buckling of the
members, values that are commonly used in standard design practice.
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Yielding strength of brace members was taken as 46 ksi for tubular sections and 50
ksi for double-angie sections. Elastic modulus was taken as 29000 ksi.

3.3 SOIL-STRUCTURE INTERACTION EFFECTS

For structures supported on rock or hard soll, it is common to assume that the motion
at the base of the structure is the same as that of the free-field ground motion. This
assumption is normally justified because the deformations in the foundation material due to
the motion of the structure are negligible under the earthquake induced stresses. For
structures founded on soft soils, however, the motion at the foundation level is generally
different from the free-field motion due to the dynamic interaction between the soil and the
super-structure. The foundation motion may include in this latter case an important
rotational or rocking component, 8 ¢, in addition to a translational or lateral component,
8 4, as shown in Fig. 3.14. This rocking component can be particularly important for tall
structures 34, Depending on the dynamic properties of the structure, those of the soil, and
the characteristics of the ground motion, soil-structure interaction effects may increase,
decrease or have no effect on the magnitude of the forces induced In the structure.

Figure 3.14 Schematic representation of soll-structure interaction effects.



3.3.1 Soil-Structure Interaction Analysis

The models of analysis of the soil-structure system may vary from refined finite element
methods that account for the effects of foundation embedment, variations of soil properties
in depth, etc, to simplified procedures that utilize axial and rotational springs and
corresponding dashpots to simulate the stiffness and damping of the foundation soil.

3.3.1.1 Simplified Procedures

Two simplified procedures can be used to account for the effects of the soil-structure
interaction 3. The first approach involves modifying the free-field ground motion and
analyzing the response of the fixed-base structure using the modified ground motion. The
second procedure involves modifying the dynamic properties of the structure and the
evaluation of the response of a modified structure to the free-field motion. The latter
approach is used in the present study.

In the second approach, interaction effects are introduced by an increase in the
fundamental period of the structure, and by a change (usually an increase) in the effective
damping of the interacting soil-structure system. The increase in the fundamental period of
the structure is a result of the flexibility of the foundation soil, whereas the change in
damping results mainly from the effects of energy dissipation in the soll due to structural,
radiation damping and, hysteretic or inelastic action in the soil usually referred to as soil
material damping. This procedure yields results that are in close agreement to those of a
more "exact" procedure, despite the simplifications introduced in the model 3.

Stiffness (Flexdbility) of the Foundation Material

To obtain the stiffness of the foundation material, the structure is assumed to be
supported on a rigid mat foundation of negligible thickness at the surface of a homogeneous
elastic half-space. For a rigid circular mat, the static translational and rotational stiffnesses
of the foundation material are defined respectively by Veletsos 3 as:

Ky==2—Gr (3.6)

8
2-p
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8 Gard @.7)

K.=
3(1-p)

in which r is the radius of the foundation, G is the shear modulus, and p is the Poisson’s
ratio of the soll. The shear modulus, G, varies for different soil types and depends, in
general, on the level of strain induced in the soll.

in order to account for embedment and layer depth, the static stiffness expressions
can be corrected for small embedments as follows 35 36 37.

= 2 E 5E 1r
K. = K. 2E SE 1r 3.8
x=Kel1s ST g1+ 53] 38)
= E E 1r

- 7E ir 3.9
Ko=Kol1+2=111+07 2101+ 2L] 3.9)

where E denotes the embedment of the foundation, r the radius (or equivalent radius) of the
foundation, H the depth of the layer of soil and, K i and K g the static stiffness of the
foundation material defined above. These expressions can be used for mat foundations of
arbitrary shape, provided that an equivalent radius is used for the foundation. For the
translational stiffness the equivalent radius is calculated as:

A (3.10)

where A 5 Is the effective area of contact between the foundation and the soil. Similarly, the
equivalent radius for the rotational stiffness is specified as:

X (3.11)

where / 4 is the moment of inertla of the foundation about a horizontal centroldal axis normal
to the direction in which the analysis is being considered.
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Note that the use of the static stiffness in the solution of the soil-structure interaction
problem is not strictly correct because, in general, the stiffness, mass and damping
associated with the soil are frequency dependent. However, the static stiffness values have
been found to be more than adequate for most practical applications 15,

Effective Damping of the Soil-Structure System

The effective damping factor of the interacting system, £, is given approximately 4° by:

E= Eo "‘(TET)S' (3.12)
where & o represents the effects of energy dissipation in the soil due to radiation and
material damping, and £ carresponds to the percentage of critical damping for the structure
In its fixed-base condition. T corresponds to the fundamental period of the fixed-base
system and, T, Is the fundamental period supported on soft soil, commonly referred to as
the effective natural period of the interacting system. Tis determined by applying dynamic
principles to the soil-structure model, using the stiffness properties for the foundation
material presented above. Alternatively, the effective period of the system can be
approximately estimated from the following relationship:

. kg, K h? (3.13)
T TJ 1+ Kx[‘l +——Ke ]

where k is the lateral stiffness of the structure in its fixed-base condition for the mode of
interest, and h is the height measured from the base of the structure to the centroid of the
inertia forces (effective height of the building for motion in its fundamental natural mode).

The foundation damping factor, & o (See Eq. 3.12), depends on the geometry of the
contact area of the foundation and on the properties of the structure and those of the
underlying soil deposits. Nonetheless, the three most important parameters which affect the
value of & o are: the period lengthening ratio T / T, the ratio of the effective helght of the
structure to radius of the foundation h/r, and the damping capacity of the soil. The
damping capacity can be related to the hysteretic damping ratio, A, and is usually measured
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from the amount of energy absorbed in one complete load cycle and the peak strain energy
for a soil specimen undergoing harmonic shear deformation 1538, The hysteretic damping
ratio, A, is a function of the impased peak strain, increasing with increasing level of strain
induced on the soil (or increasing intensity of the excitation).

The variation of the foundation damping & o With these three main parameters has
been the subject of extensive parametric studies 3* 3 40 which have resulted in the charts
reproduced in Fig. 3.15. In this figure, the foundation damping factor, & o is plotted versus
the period lengthening ratio, T / T, for different values of the ratio h/rand for two values of

0.25

0.20

Foundation Damping Factor, &,

0.15

0.10

0.05

1 1.2 14 1.8 1.8 2

Period Ratio, T/ T

Figure 3.15 Foundation damping factor, & o for structures supported on elastic
and visco-glastic half-space (After Veletsos 34).
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the hysteretic damping ratio (or two levels of excitation). Note. that foundation damping can
have a significant contribution to the overall damping of the system, and that the
contribution of hysteretic action (A = 0.05) may be particularly significant for tall structures
(h/r = 5), for which the contribution of radiation damping is generally small (A = 0) 34,

The magnitude of the effective natural period, T, is always greater than the fixed-base
fundamental period 7. It follows then, from Eq. 3.12, that the effective damping of the
system, £, may be greater, equal to or smaller than £. However, since the damping factor
§ is normally based on the results of full-scale structures which reflect the overall damping
of the foundation-structure system, it is recommended that & be taken no less than the value
of £ 3,

Limitations of Procedure

a) The approach presented above has been based upon the analysis of single-degree-
of-freedom systems; however, it can be applied to multi-story structures which respond
essentially as a SDOF system in a fixed-base condition 3. For structures with lumped
masses, it is only necessary to compute h as:

PO MUL L (3.14)

Y m x

where x ; Is the modal displacement of the i ! fioor (fixed-base) located at a distance h ;
from the base and m ; is the total lumped mass at the | ™ fioor.

b) A second limitation of the proceduré is the assumption of linear response of the
super-structure. in general, the super-structure Is expected to deform beyond the elastic
range during strong earthquakes, and therefore a significant amount of inelastic action may
develop in the structure. The main effect of such inelastic behavior is to increase the relative
flexibility of the super-structure with respect to that of the supporting medium, which tends
to reduce the interaction effects ' #!. Thus, the use of the procedure described above in
the analysis of inelastic systems will lead to resuits that may be somewhat conservative.
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3.3.2 Modeling Parameters and Procedure

To model the soll-structure interaction system, the structure was assumed to be
supported on an infinitely rigid mat foundation, which in turn is supported on axial springs
representative of the flexibility of the soil

material. Due to the unavailability of

appropriate rotational springs in the
DRAIN-2D program, rotational stiffness of
the foundation material was idealized by a fgld mat

set of vertical springs, as shown In Fig.
. . R L P A 2 A A
3.16. Translational stiffness of the soil was \/

ldealized by a horizontal spring.

soil springs

) Figure 3.16 Modeling of the soll flexibility.
interaction effects relies primarily on two

main factors: the shear modulus, G, and the amount of hysteretic damping, A, of the
foundation soil. Both parameters vary for different soil types and depend, in general, on the

Evaluation of the soil-structure

strain level induced in the soil during the earthquake motion. The present study considers
structures located in two types of soft soil conditions. One such soil type corresponds to
the silty clay deposits found on the lake bed area in Mexico City, Mexico. The second type
of soil corresponds to the bay mud found in the San Francisco Bay area in California, U.S.A.
Previous studies *2 have shown that for the silty clay deposits of Mexico City, both the shear
modulus and the hysteretic damping ratio remain almost constant for shear strains up to
0.1%. Thus, it seemed reasonable to use a single value for the shear modulus and the
hysteretic damping ratio of the soll in the evaluation of soil-structure effects. For the San
Francisco Bay Mud, however, the shear modulus and the hysteretic damping ratio have
been found to vary appreciably for strains larger than 0.01% 3342, Based on these studies,
two levels of shear strain, namely: 0.01% and 0.1%, were used to evaluate soll-structure
interaction effects for the buildings located on the San Francisco Bay Mud. Table 3.1
shows the shear modulus and hysteretic damping coefficients adopted for study.



Table 3.1 Soll parameters for soil-structure interaction effects.

75

Type of Soll Shear Modulus | Hysteretic Damping | Peak Shear Strain
(ksi) Ratio (%)
(%)
Silty Clay Deposits
(Mexico City) 100 T 2 tt 0.1
Bay Mud Case | 200 3 tt 0.01
'San Francisco, Ca.
( ) Case Il 150 Tt 7 1t 0.1

t After reference 44,
tt After reference 42,

tt After references 38,43.



CHAPTER IV

BUILDING STRUCTURES AND GROUND MOTIONS
SELECTED FOR STUDY

4.1 GENERAL

Three buildings were selected for study. The buildings are prototype designs and
represent typical low and medium rise construction of the 1950's and 1960's in the United
States. Low-rise construction is represented by a three story reinforced cohcrete frame,
while medium-rise construction Is represented by seven and twelve story high frame
buildings of reinforced concrete.

A description of the buildings selected for study is presented. Each building is
evaluated and studied separately by examining the structural properties and the possible
modes of failure of their members. Based on estimated member capacities, the lateral
strength of the buildings is estimated through an incremental, inelastic static analysis
procedure. The predicted lateral strength Is then compared to current applicable standards
and to the codes in effect at the time of erection of the buildings.

4.2 PROTOTYPE STRUCTURE | - THREE-STORY BUILDING
4.2.1 General Description

A plan view and typical elevation in the longitudinal direction of the building are
presented in Figs. 4.1 and 4.2 respectively. The lateral load resisting system of this structure
consists of an ordinary moment-resisting space frame (OMRSF). Perimeter and interior
frames have 18 in. by 18 in. columns with 14 in. by 20 in. beams over the entire height of
the building. Spandrel beams are eccentric with respect to the column axis, flush with the
interior face of the columns. Beams of interior frames are aligned with respect to the
column axis. Slab thickness Is 7 in. in all floor levels. Normal weight concrete with a
compressive strength of 3000 psi was used in all members. Longitudinal and transverse
steel reinforcement was assumed to be Grade 60.

76



77

18" x 18" Columns (typ.)
14" x 20" Beams (typ.) :
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Figure 4.1 Plan view of the three-story building.
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Figure 4.2 Elevation in the longitudinal direction of the three-story building.

4.2.2 Seismic Evaluation

The design lateral forces for the building were obtained from the specifications of
the 1964 UBC 5, while proportioning and detailing of the reinforced concrete members were
based on the provisions for ultimate strength design of the 1963 ACI code 2. Under current
equivalent design provisions, 1991 UBC 3 and 1989 ACI 4, erection of this structure would
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not be permitted in zones of moderate to high seismic risk because it would not meet the
minimum ductility requirements for the design of its members. As stated in chapter Il the
specified lateral forces in the 1964 UBC were much lower than those required by current
provisions. Consequently, the design of members of the building was governed primarily
by gravity loads which resuited in refatively low member strengths and poor detailing of
reinforcement. The structure is unlikely to withstand major earthquakes satisfactorily.

4.2.2.1 Reinforcing Details and Member Strength

Typical cross section details and reinforcement schedule for beams and columns
are presented in Figs. 4.3 and 4.4 respectively. Details of the reinforcement in the beam-
column joint area are illustrated in Fig. 4.5. Evaluation of the reinforcement layout revealed
several deficiencies which were considered critical to the safety of the structure under a
strong ground motion, as follows:

a) Lap Splices of Column Reinforcement:

Since the design of the building was governed by gravity loads, column
members were considered as compression elements. Lap splices for the
longitudinal reinforcement were therefore designed as “compression splices",
resulting in a splice length of only 24 bar diameters, as required by the
provisions of the 1963 ACl code 2. In addition, to simplify construction column
splices were located just above the slab at each floor level, as shown in Fig. 4.5.
The lap length provided for the splice Is inadequate in tension (splice failure will
occur prior to yielding of the bars) and therefore the flexural capacity of the
sections at the base of the columns will be limited to the capacity of the splice.
Furthermore, transverse reinforcement in the splice region is widely spaced as
show in Figs. 4.4 and 4.5. Such detail provides little confinement to maintain the
integrity of the concrete around spliced bars, and will significantly limit the
ductility of the member.

b) Discontinuous Bottom Reinforcement in Beams:

Because the lateral forces used to design the structure were much smaller than
those from gravity loads, moment reversals at the beam ends due to seismic
loads were not anticipated. Accordingly, anchorage of bottom reinforcement
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11.5" (clear)

18" (typ.)

18 @yp)
.MAIN REINFORCEMENT
Story Level All cols. on lines A, D Al cols. on lines B, C
All Stories 8#6 8#7
TIES
All Storles #3@12° #3@14"

Figure 4.4 Column reinforcement details and schedule for the three-story building.
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Figure 4.5 Beam-column joint details for the three-story structure.
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was designed to meet the requirements of a member that was not part of a
lateral load resisting system. The bars were embedded only 6 inches into the
joint which is insufficient to develop the yield strength of the bars in tension.
Under a strong earthquake, moment reversals at the beam ends will occur and
will most likely cause the pull-out of the bottom bars from the joint. Anchorage
failure of these bars at low tensile stresses will essentially create a hinge for
“positive® bending moment in the early stages of a severe event, which may
cause a reduction in the stiffness, strength and ductility of the structure.

c) Shear Strength of Beams an lumns:

Transverse reinforcement in beams and columns was designed to meet the
shear forces required by gravity loads analyses only. Such design criterion
resulted in low amounts of shear reinforcement that was widely spaced
throughout the length of columns and beams. Nonetheless, the shear
reinforcement provided is enough to develop the flexural capacity of the
members, even assuming that the flexural reinforcement will develop its yield
strength. Therefore, shear failure of columns or beams Is not anticipated.

d) Joint Shear Strength:

Transverse reinforcement at the beam-column joint was not required by the
1963 ACI code 2, and therefore it was not provided in the building. Despite the
absence of shear reinforcement in the joint, the joint shear capacity should be
sufficient to develop the flexural capacity of beams and columns,

4.2.2.2 Modeling Assumptions and Parameters

The previous evaluation of frame members indicated that the weak links of the
structure are predominately related to poor anchorage of the flexural reinforcement in
columns and beams. The anchorage failure mechanism was idealized using the modified
model for reinforced concrete elements described in Chapter Ill. Shear fallure of the
reinforced concrete beams and columns was not anticipated and therefore it was not
considered in the analyses.

The main modelling parameters for critical sections in columns and beams were
estimated as follows:
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a) Moment - Rotation Envelopes - Beams:

The relationship adopted to model the moment- rotation characteristics of the
beam end sections is presented in Fig. 4.6. For “positive” bending, the peak
moment capacity and corresponding curvature of the sections were determined
as the moment that would cause failure in bond of the reinforcement in tension,
as described in Chapter lll.  Slope of the softening segment following
anchorage failure of bars was partly based on the work of Pessiki et al. 11, Their
research work included beam-column joint assemblies with beam reinforcing
details that were very similar to those provided in the beams of the building
under study.

M'*‘“
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Figure 4.6 Moment - rotation envelope for beams. Both beam end sections.

For “negative” bending, it was assumed that the sections were able to develop
yielding and strain hardening (this assumption was necessary to avoid a
numerical instability of the solution algorithm of the program). The experimental
evidence obtained by Pessiki et. al. actually showed some strength and stiffness
degradation of the sections in “negative” bending after the pull-out of bottom
beam reinforcement (see Chapter li). Since the observed degradation of
strength and stiffness was relatively small compared to that observed for
“positive” bending, the assumption indicated above will not significantly affect
the overall response of the structure.
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b) Moment - Rotation Envelope - Columns:

The results presented by Pessiki et al. regarding the behavior of short splices
in columns were inconclusive (see Chapter Il) and therefore they cannot be
used directly to estimate the rate of strength degradation after a splice failure.
Because of the sudden and brittle nature of such a failure, it is believed that a
rather steep softening segment will follow column splice failure. On the basis
of this assumption, the moment - rotation envelope shown in Fig. 4.7a was
adopted to model column sections having a short splice (base of columns).
The procedure to determine the peak moment capacity and corresponding
curvature of these sections was the same as that used to estimate the pull-out
failure of the bottom beam bars indicated above.

M+“ “p

Gr=586p -
M= Mg/
Mpbase
Y
Mp yM™
8) section at base of columns
w o A
)
- Oy >
D 8y
My yM™
b) section at top of columns

Figure 4.7 Moment - rotation envelopes for columns.

The top section of the columns was assumed to reach yielding and strain
hardening in accordance with the continuity of the bars at those sections. The
moment - rotation envelope adopted for these sections is shown in Fig. 4.7b.



4.2.2.3 Lateral Stiffness and Strength

Based on the assumptions indicated above, an estimate of the lateral strength of the
building was obtained by applying a uniform lateral load distribution in the longitudinal
direction. The results are presented In Fig. 4.8 as the base shear coefficient and the drift
atthe centroid of inertia forces (drift at effective height of building for motion in its first mode
of vibratlon, see Eq. 3.14). The use of the drift at the centroid of inertia forces to plot the
base shear and drift relationships will be discussed later in Chapter VII.

0.5 pr—
_—IATC-& (OMRSF)| ] A: INIIATION OF PULLOUT FAILURE
3 OF BOTTOM BEAM BARS.
o4l et e e o] B: INFIATION OF SPLICE FAILURE IN
FIRST STOREY COLUMNS.

i C: FAILURE OF SPLICES IN ALL
0.3 COLUMNS IN THE FIRST FLOOR.

0.2}
! B ¢

A
0.1 k- . . / {UBC 84[AC|83(USD)|—

! 1
0 02 0. 0.8 0.8 1
DRIFT AT CENTROID OF INERTIA FORCES (%)

BASE SHEAR COEFFICIENT, V/W

Figure 4.8 Base shear coefficient and drift at centroid of inertia forces relation for the three-
story building in the longitudinal direction.

Three major events can be noted in the lateral response of the building. First, the
behavior of the building is linear up to a value of a base shear coefficient of about 0.11. At
this load level, pull-out of the bottom bars in first floor beams initiated, marking the departure
from the assumed elastic behavior (inelastic behavior due to cracking is ignored by the
computer model). However, lateral stiffness of the building did not decrease significantly
untll a base shear coefficient of about 0.13, when spilces in first story interior columns began
to fail. This second major event resulted in a sharp reduction in the lateral stiffness of the
structure. First story displacements began to increase significantly with small increases in
load after this event, and at a drift of about 0.76%, failure of splices in all first story columns
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occurred. Shortly after this event, splice failure of second story columns began. Notice that
even though local failure of splices caused strength degradation of the section at the base
of the columns, the general failure of splices of column sections at a given floor did not
result in an immediate reduction in the lateral strength of the structure. Due to redistribution
of the bending moments from the base to the top of the column sections, column splice
failure resulted in a gradual reduction of the lateral stiffness of the building.

The results shown in Fig. 4.8 indicate that for the given lateral force distribution,
inelastic behavior is confined almost exclusively to the elements of the first story. Further
increase of the lateral load beyond the failure of splices in the first story columns will have
no significant impact on the lateral stiffness nor on the lateral strength of the building. Thus,
the force level that would produce splice failure in all columns of the floor seemed a
reasonable estimate of the lateral strength of the structure.

Also shown in Fig. 4.8 are the base shear coefficients as required by the 1964 UBC?.
As can be seen, the computed ultimate strength of the building is about 1.5 times the lateral
load level specified by the 1964 UBC (load factors and strength reduction factors included).
This result was expected since the design of the building was governed by gravity loads and
not by the lateral forces specified by the prevailing code.

The base shear coefficient required by ATC-22 12 for an OMRSF is also shown in
Fig. 4.8. Because lateral strength of the building is governed by failure of splices in
columns, brittle elements were assumed to estimate the coefficient (see Appendix A). The
figure shows that ATC-22 would require a lateral strength which is about three times larger
than the computed uitimate strength for the building. This result clearly shows the
enormous lack of lateral strength of the bullding implied by current standards.



4.3 PROTOTYPE STRUCTURE Il - TWELVE-STORY BUILDING
4.3.1 General Description

The second structure selected for study was similar to a 12-story office building
located in southern California. A plan view and typical elevation in the short direction of the
building are shown in Figs. 4.9 and 4.10 respectively. The actual building consists of a 12
story office tower that rises above the street level and two lower ievels of much larger area.
Since the two lower levels of the building are below grade, the analyses were confined to
the tower of the structure shown in Fig. 4.10. While the fiexibility of the lower levels may
influence the response of the real structure, the results that are obtained for the super-
structure will be of general validity.
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Figure 4.9 Plan view of 12 story building.
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Figure 4.10 Typical elevation in the short direction of the 12 story building.

The primary lateral load resisting system of the building is provided by concrete
moment frames located at the perimeter of the structure. In these perimeter frames, a
double column configuration was used, probably to increase the lateral stiffness and overall
redundancy of the structure. The perimeter frames have 26 in. by 26 in. columns and 15 in.
by 40 in. deep spandrel beams over the entire building height. Slab thickness is 4 in. in ali
floor levels. Gravity loads are distributed by concrete joists that rest on the spandrel beams
and on interior beams as shown in Fig. 4.9. All dimensions and reinforcing details of interior
beams and interior columns were not available for the building. However, cross section
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dimensions of interior columns, as scaled from the plans, were much smalier than those of
the exterior columns. The smaller dimensions of interior columns and the relatively shallow
interior beams and concrete joists make interior frames much more flexible than perimeter
frames. It seemed reasonable to assume that perimeter frames will carry most of the lateral
forces and, therefore, only perimeter frames of the building were considered for the lateral
load analyses of the structure.

Normal weight concrete with a compressive strength of 5,000 psi was specified for
columns. Beams and slabs were cast using light weight concrete with a compressive
strength of 4,000 psi. Longitudinal reinforcement in beams and columns was specified as
Grade 60, while transverse reinforcement in all members was specified as Grade 40.

4.3.2 Seismic Evaluation

The structure was constructed in the early 1970’s and it was presumably designed
according to the provisions of the 1967 UBC 5 for both lateral loads and member
proportioning. Two main design configuration problems can be readily observed in this
structure. First, the height of the first story is almost twice that of the upper stories (see Fig.
4.10), which creates a flexible "soft story” in the first floor. As discussed earlier in Chapter
il, the "soft story" concept became rather popular in the late 1960's and it was not until after
the 1971 San Fermmando earthquake that soft stories were recognized to jeopardize the
stability of the super-structure. Second, a massive parapet was provided at the roof level,
presumably for architectural reasons. The parapet is partially supported on 10 In. thick infill
walls which, in addition to adding extra mass, also provide an abrupt increase in the stiffness
at the top story of the building.

4.3.2.1 Reinforcing Details and Member Strength

Typical cross section detalls and reinforcing schedule for columns and beams are
presented In Figs. 4.11 through 4.15. Overall, this structure contained adequate detailing
of the flexural reinforcement, especially around the hinging regions in columns and beams
as shown in Figs. 4.12 through 4.14. Longitudinal reinforcement in columns was typically
spliced in the midlength region with a 40 bar diameter lap (See Fig. 4.12), and therefore
failure of splices In columns Is not likely to occur. Special problems Iidentified upon
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Figure 4.11 Column reinforcement details and schedule for the 12 story building.

evaluation of the reinforcement layout are summarized below:

a) Transvi

Reinforcement in

lumns:

Typical transverse reinforcement distribution in columns Is shown in Fig. 4.12.
As can be seen, the regions directly above and below the beam-column joint are
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Figure 4.12  Tie configuration for perimeter frame columns of the 12
story building.

heavily reinforced with closely spaced ties at 4 in. Spacing of the ties and the
length over which this reinforcement is distributed are both in accordance with
current ACI specifications for hinging regions. Also, even though the size of the
ties (# 3 bar) used to enclose # 11 bars and larger sizes does not meet current
standards ( a # 4 bar is presently required), the detailing of hoops and cross
ties seems adequate. For the present study, it will be assumed that hoops and
crossties provide adequate confinement to the concrete and lateral support to
the longitudinal reinforcement.

Shear reinforcement was probably designed for the shear forces obtained
directly from analyses using design lateral forces and not to ensure the
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development of plastic hinges at the member ends. This would explain the
abrupt Increase in tie spacing to 18 in. that was provided for the remainder of
the column length, as shown in Fig. 4.12. As a result of this tie distribution,
shear failure is highly likely to occur in columns, particularly in the first and
second storles of column lines A and H. Detailed calculations of the shear
capacity of members, including the effects of axial forces from gravity loads,
showed that shear failure will preclude the development of the hinges at the
column ends In most story levels.

b) Transverse Reinforcement in Beams:

As in columns, beams were, in general, heavily reinforced around the joint area
which provides adequate confinement of the hinging region. Nonetheless,
transverse reinforcement within the central portion of the longer spandrel beams
is typically spaced at 18 in. (See Figs. 4.13 and 4.14) and it Is insufficient to
develop the flexural capacity of the end sections in the lower stories of the
structure. Similarly, the short spandrel beams defined by the double column
configuration will probably fail in shear, despite the large amount of transverse
reinforcement that was provided within the entire span as shown in Figs. 4.13
and 4.14.

¢) Anchorage of Bottom Reinforcement in Beams:
Development length for beam reinforcement was specified as 30 bar diameters

for all bar sizes. Such anchorage length is adequate to develop the yield
strength of the bars, even for a #10 bar, the largest bar size that was used in the
building. However, these bars will not be able to reach their uitimate strength
with the provided development length. Bond failure could occur soon after
reaching strain hardening. Anchorage failure of the bars after yielding will allow
for some ductility of the section and for some force redistribution in the
structure, but the performance of these sections under a strong ground motion
will depend upon the ductility demands imposed by the earthquake loads.
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d) Joint Shear Strength:

Transverse reinforcement details within the joint region is shown in Figs. 4.11
and 4.12. The provided amount of transverse reinforcement will help increase
the joint shear strength but it is insufficient to supply adequate confinement to
the joint region as required by current standards. Because column and beam
members are expected to fail in shear rather in flexure, a shear failure of the
joint Is not anticipated In the original structure. However, should column and
beam elements be able to develop their flexural capacity, shear strength of the
beam-column joints would be inadequate in most cases.

4.3.2.2 Modeling Assumptions and Parameters

The previous evaluation of the building suggested that shear failure will most likely
preclude the development of the fiexural strength of most members in the structure. Thus,
the shear model option for reinforced concrete elements was included in the analyses in
addition to the moment softening feature (see Chapter lll). Modeling parameters for critical
sections of column and beam members were calculated as follows:

a) Moment - Rotation Envelopes - Beams:
These were obtained following the same procedure outlined in section 4.2.2.2

a) for the beams of the three-story building. However, because bottom
reinforcing bars were expected to develop their yield strength, linear behavior
was assumed for “positive” bending until flexural yielding of the section, as
shown in Fig. 4.16. Strain hardening of the section was then assumed to occur
until the bottom reinforcing bars pulled out at the estimated peak moment
capacity. The peak moment capacity was estimated the using the approach
described in Chapter lll. Slope of the softening branch following peak moment
capacity was arbitrarily assumed as shown in Fig. 4.16. The assumed rate of
strength degradation after bond failure is more rapid than that adopted for the
beams of the three-story bullding, mainly because failure occurs at higher
stresses in the reinforcement. Beam sections in “negative® bending were
assumed to reach yielding and ultimate strength as shown in Fig. 4.16.
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Figure 4.16 Moment - rotation envelope adopted for beam elements.

b) Moment - Rotation Envelopes - Columns:

Because splices of the longitudinal reinforcement were located in the mid-length
of columns and because of the good confinement of the hinging regions,
column end sections were assumed to develop yielding and ultimate strength.
Thus, moment- rotation envelopes for all columns followed the same relationship
indicated in Fig. 4.7 b).

hear Strength - Columns & Beams:

In columns, the shear force distribution induced by earthquake loadings will
typically be uniform along the length of the member, even under the combined
action of the gravity loads. Therefore, the shear failure of such a member can
be reasonable well predicted by comparing the shear force at the member ends
with its estimated shear capacity.

In beams, however, the presence of gravity loads will normally resuit in a non-
uniform shear force distribution, with shear forces that are maxima at the
member ends as shown in Fig. 4.17. When the shear forces induced by
earthquake loadings are comparable in magnitude to those induced by gravity
loads, the combined shear force distribution will remain non-uniform and
maximum shear forces will occur only at one of the member ends (See Fig.
4.17). The shear resisting mechanisms of a reinforced concrete member
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subjected to combined flexure and shear involve the participation of the entire
member, or at least an important portion of it. Thus, a shear failure criterion
based solely on the comparison between the beam shear capacity and the
shear force acting at the member end sections seemed unrepresentative of the
expected behavior and also too conservative. Shear failure of a beam element
was then determined using a different criterion as follows: a beam element was
considered to have failed in shear when the average value between the
maximum shear force at the member end and that at mid span exceeded the
estimated shear capacity of the beams, as shown in Fig. 4.17.

SHEAR FORCE DISTRIBUTION

gravity loads

earthquake foads

combined action

Figure 4.17 Shear force distribution and failure criterion for beam elements.

To account for the non-uniform shear force distribution in beams and also to
provide adequate confinement to the hinging regions, a smaller stirrup spacing
is usually provided at the end beam sections. Consequently, a larger shear
capacity can be obtained at the end sections of the beam. In this study, shear
strength of beam elements was estimated using the shear reinforcement
provided within the central portion of the member, thus obtaining a lower bound
for the shear capacity. This approach is conservative and it is consistent with
the shear failure criterion adopted for beams which will allow higher shear forces
at the member ends prior to establishing the shear failure of the member.



4.3.2.3 Lateral Stiffness and Strength

Evaluation of the lateral strength of the structure was obtained by applying a uniform
lateral load distribution throughout the height of the building. To evaluate the impact of the
potential shear failure of columns and beams on the lateral strength of the structure, three
different member failure modes were considered. First, an analysis was conducted on the
original structure with the estimated shear and flexural strengths for the members allowing
for the potential shear fallure of columns and beams (Case 1). A second analysis was
carried out on a modified structure in which column shear failure was prevented, but it was
allowed to occur only in beams (Case 2). The third analysis was conducted for the same
structure, but shear failure was prevented in all column and beam members (Case 3).

In Fig. 4.18, the resuits obtained for the first two cases studied are presented for the
analysis in the short direction of the building. In this figure, the response of the building is
represented as the relationship between the base shear coefficient and the drift at the
centroid of the inertia forces. In case 1, the behavior of the structure is almost linear until
shear failure of two of the short spandrel beams in the first floor. This event is indicated as
point A in Fig. 4.18. The redistribution of the forces carried by the failing element caused
a sudden and significant increase in the lateral displacement of the structure (Segment A-B
in Fig. 4.18). In addition, and most important, failure of this element triggered the
progressive shear failure of the second, third and first story columns respectively. The
abrupt and sequential collapse of these elements lead to the local collapse of the first and
second stories and eventually to the collapse of the overall structure.

Behavior of the bullding when shear failure was prevented in columns (case 2) was
very similar to that observed in the previous case until a drift of about 0.6% (Paint B in Fig.
4.18). At this drift level, the bullding regained some of its original stiffness and continued
carrying some additional load until shear failure of the remaining short spandrels in the first
floor. Fallure of the latter elements induced the progressive shear failure of the short
spandrel beams in the upper floors as well as induced the shear failure of the longer span
beams. As a result, the lateral stiffness of the building was significantly reduced, which led
to extremely large displacements, as shown In Fig. 4.18. While the successive shear failure
of beams may not cause the immediate collapse of the building, it will compromise the
overall lateral stability and strength of the structure. This behavior is indicated as a dashed
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line in Fig. 4.18. It must be indicated that any restraining action provided by the slab after
shear failure of the beams has been ignored in the analysis. This restraining action will hel p
increase the overall stiffness and strength of the building and, therefore, the actual strength
and stiffness reduction of the structure may not be as large as that implied by the resuits
shown in Fig. 4.18.

Also shown in Fig. 4.18 are the required base shear coefficients for the structure
according to the ultimate strength provisions of the 1967 UBC ° and the recommendations
of the ATC-22 2 for an ordinary moment resisting space frame (OMRSF) with brittle
elements. Since shear failure of columns and beams was not anticipated in the original
design of the building, actual lateral strength of the structure does not meet the required
strength by the 1967 UBC. Furthermore, the required lateral strength by the provisions of
the ATC-22 Is several times larger than that obtained when shear failure of members is
included in the analyses.

Fig. 4.19 shows the base shear coefficient and drift relationship for case 3. In this
case, the building stiffness changes at a drift of about 0.5 %, indicated as point A in Fig.
4.19. The sharp reduction of stiffness at this load level is mainly due to the anchorage
failure of bottom beam bars in some of the spandrels of the first floor. Soon after this event,
at a drift level of about 0.7% (point B), the longer spandrels of the first floor reached their
estimated ultimate moment capacity in "negative™ bending. Also at this drift level, yielding
at the base of first story columns commenced. The building continued to carry additional
load through yielding and strain hardening of the column sections until a drift of about 2.5%.
At this drift level, some of the first story columns reached their estimated ultimate bending
moment capacity (point C).

The resuits obtained above for case 3, indicate that while columns would be able
to undergo large drift levels before reaching their flexural capacity, beams are relatively weak
in comparison to the columns and would experience significant damage and loss of strength
beyond the 0.7% drift level. On the basis of these results, ultimate strength of the building
was conservatively defined as the base shear coefficient corresponding to a drift level for
the centroid of inertia forces of 1%. However, the curve is fairly flat and the strength would
not be much larger at a drift value of 2.5%.
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Also shown In Fig. 4.19 is the required lateral strength by the ultimate strength
design provisions of the 1967 UBC S (load and strength reduction factors included). The
estimated lateral strength of the bullding (as define above) is slightly lower than that required
by the 1967 UBC. One possible explanation of this result is the unexpected premature
anchorage failure of bottom bars In the spandrel beams which is the main cause of the
sharp reduction in the stiffness of the building as described above.

Similarly, the lateral strength of the building is compared in Fig. 4.19 to that required
by the ATC-22 '2 for an intermediate moment resisting space frame (IMRSF, L.e.; frames with
some degree of ductile detailing). The lack of adequate lateral strength of the building
implied by the provisions of ATC-22 is apparent. Notice, however, that the required strength
in this case is approximately half of that required for cases 1 and 2 in which column shear
failure was the governing mode of failure of the building.

Also, notice that the lateral strength of the structure for the flexural dominated
behavior (case 3), is only slightly higher than that obtained for the shear dominated behavior
(cases 1 and 2). This resuit suggests that only a small increase in the shear capacity of
beams and columns would be required to change the brittle mode of failure of cases 1 and
2, to a more ductile and reliable building response as obtained for case 3. Further, it
appears then that shear strengthening of columns and beams should be considered as part
of a retrofit scheme.

4.4 PROTOTYPE STRUCTURE Il - SEVEN-STORY BUILDING
4.4.1 General Description

The third bullding chosen for study is representative of residential and office
bulidings constructed during the mid 1950’s. The prototype structure Is a seven story
reinforced concrete structure. Typical plan view and elevation in the longitudinal direction
of the building are presented In Fig. 4.20. The lateral load resisting system consists of six
structural walls (8" thick) in the short direction and moment resisting frames in the
longitudinal direction. Exterior frames have 8 in. by 72 in. deep spandrel beams and 18 in.
by 24 in. rectangular columns over the entire height of the building. Comer columns are 18
in. by 18 in. and form part of the boundary element for the outer structural walls. Spandrel
beams are eccentric with respectto the column axis; fiush with the interior face of the
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columns. A ane-way floor slab, 6 in. thick, spans between the spandrels and interior shallow
beams (the latter are not shown In Fig. 4.20 for clarity). Concrete type was specified as
normal weight, with a compressive strength of 3000 psi. All reinforcing steel was specified
as Grade 40, except for the column vertical steel which was specified as Grade 50.

4.4.2 Seismic Evaluation

Seismic design of the building followed the provisions of the 1955 UBC °, while
design of the reinforced concrete members was based on the working stress design
provisions of the 1956 ACI code '°. In the short direction of the building, the structural walls
provide a very stiff and strong lateral load resisting system which will be assumed to have
adequate lateral strength. In the longitudinal direction, the presence of the deep spandrel
beams in the perimeter frames produce “captive® columns of only 4 ft. height. Flexural
stiffness of these "captive® columns is almost six times larger than that of interior columns.
Thus, interior frames are much more flexible than perimeter frames and it is reasonable to
assume that perimeter frames will carry most of the lateral forces. Based on this
assumption, only the perimeter frames were considered in the evaluation and in the
subsequent analyses of the building.

Notice also that the clear length of the columns in the first story Is almost twice that
of the columns on the upper floors which essentially creates an unintended "soft* first story.

4.4.2.1 Reinforcing Details and Member Strength

Typical cross section details and reinforcing schedule for beams and columns of the
perimeter frames are presented in Figs. 4.21 and 4.22 respectively. Based on the evaluation
of the reinforcing layout, the main deficiencies found in this structure are summarized below:

a) Lap Splices in Columns:

Prior to the development of the ductility provisions for buildings in seismic
zones, column splices were commonly designed as compression splices and
located just above the slab floor level. This building was not an exception to
this practice as can be seen in Fig. 4.22. Assuming a 20 bar diameter lap, as
required by the 1956 ACI code 0, splice failure prior to yielding of the bars is
expected in all sections at the base of first story columns. Because of the
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presence of the deep spandrels that extend above the fioor level in the second
and upper stories, the section of maximum stresses for the column
reinforcement was assumed to be at the top face of spandrels. The
development length of the reinforcement is assumed equal to the height of the
spandrels above the floor level; i.e. 42 in.(see Figs. 4.21 and 4.22). Such a
development length is insufficient to prevent a splice failure of the reinforcement
in the second and third stories, but is adequate to develop yielding of the bars
in the fourth and upper stories. For sections located at the top of columns, the
reinforcement was assumed to develop the yield strength in all stories.

b) Anchorage of Bottom Reinforcement in Beams:

In spite of the low leve! of lateral forces used to design the building, moment
reversals at the beam ends due to earthquake loads were expected and
therefore, the anchorage of bottom reinforcement was designed as “negative”
reinforcement. The provisions for development length of reinforcement cf the
1956 ACI code '° do not meet the present requirements of the 1989 ACI  code,
but because of the lower yield strength of the steel reinforcing bars utilized in
beams (40 ksi), all bottom reinforcement will develop yielding. Nonetheless,
thesa bars will not be able to reach their ultimate strength and anchorage fallure
is anticipated soon after reaching strain hardening.

¢) Iransverse Reinforcement in Columns:

Following common practice of the 1950's, transverse reinforcement was
designed to meet the shear forces as obtained from the 1955 UBC 9.
Consequently, the transverse reinforcement provided in the columns does not
ensure the development of the flexural capacity of the columns. Therefore,
column shear failure prior to column hinging is expected in all floor levels.

d) Transverse Reinforcement in Beams:
Because of the large cross section of the spandrel beams, the design shear

forces can be resisted with a small amount of transverse reinforcement. In fact,
rigorous application of tha provisions of the 1956 ACI code 1° would have called
for a 36 in. spacing (half of the depth of the member) instead of the 18 in.
spacing that was actually provided in the beams, as can be seen in Fig. 4.21.
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This smaller spacing of the web reinforcement was probably provided to simplify
the construction process, and it will enhance the shear behavior and strength
of the spandrels. Detailed calculations using current design provisions indicated
that the flexural strength of the beam ends will be developed prior to a shear
failure.

e) Joint Shear Strength:

Transverse reinforcement through the joint region was probably not provided at
all. In spite of the lack of confinement in the joint region, maximum computed
shear stresses at the joint were much lower than the expected capacity of the
connection. Thus, joint shear failure is unlikely to occur, even in the case that
columns develop their flexural strength prior to failing in shear.

4.4.2.2 Modeling Assumptions and Parameters

The previous evaluation of the building indicates that the critical modes of failure of
the members are column shear failure and/or splice failure of reinforcement of sections at
the base of columns. Column shear failure was modeled following the same procedure
described in section 4.3.2.2 ¢). Moment - rotation envelopes for column end sections were
modeled as described in section 4.2.2.2 b) (See Fig. 4.7). Beam shear failure was not
anticipated and therefore it was not considered as a possible mode of failure in the analyses.
Anchorage failure of bottom beam bars Is expected after yielding of the reinforcement and
it was modeled as described in section 4.2.2.2 a). The moment - rotation envelopes
adopted for the beam end sections are therefore similar to those shown in Fig. 4.16.

4.4.2.3 Lateral Stifiness and Strength

Estimation of the lateral strength of the structure followed the same procedure
outlined for the previous two buildings studied; applying a uniform lateral load distribution
over the height of the bullding. Two possible modes of failure were considered in the
evaluation. First, shear failure of columns was included as one possible failure mechanism
for the building, in addition to potential anchorage failure of reinforcement in columns and
beams. The second mode of failure included failure of column splices and anchorage failure
in beams as above. However, shear failure of columns was prevented in the second case.
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The response of the building for the two cases studied is presented in Fig. 4.23 as
the relationship between the base shear coefficient and the drift at the centroid of the inertia
forces. The results Indicate that shear failure of the columns initiated at the second story
and propagated rapidly to the third and first story columns respectively. The sudden failure
of these elements resuited in an abrupt reduction of the lateral stiffness of the building and
led to the sudden collapse of the structure, as shown in Fig. 4.23. Because of the low
shear strength of the "short™ columns in the building, shear failure begins at relatively small
lateral drifts (= 0.1 %).
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Figure 423  Base shear coefficlent and drift at centroid of inertia forces relationship for
the seven-story building in the longitudinal direction.

For the second failure mechanism studied, in which column shear failure was
prevented, the building exhibited linear behavior until failure of the splices in the first story
columns. At this load level, the lateral stiffness of the building was reduced considerably as
shown in Fig. 4.23. At a drift level of about 0.14%, failure of the splices in all first story
columns was reached. The latter event, however, did not have a significant impact on the
lateral stiffness of the building. A probable explanation of this result is the large number of
columns present in the longitudinal direction of the building which allowed for a gradual
redistribution of forces within its members. Subsequent stiffness degradation of the building
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is mainly due to the yielding of beams of the first floor. Peak lateral capacity for the building
is assumed to be reached at about a drift level of 0.2% when splice failure of the second
story columns initlated.

A comparison between the required base shear coefficient by the 1955 UBC & code
and that predicted for the two cases studied above is presented in Fig. 4.23. In spite of the
premature shear fallure of columns considered in the first case, the estimated lateral strength
of the building Is only 10% smaller than that required by the prevailing code. If shear failure
is prevented In columns as in the second case studied, the predicted lateral strength of the
building Is approximately 20% larger than that required by the 1955 UBC.

On the other hand, the current provisions of the ATC-22 2 for an OMRSF would
require at least twice as much lateral strength as that estimated, even for the case in which -
column shear failure was prevented In the analysis.
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4.5 GROUND MOTIONS

4.5.1 Selected Earthquake Records

The ground motion selection criterion used in this study was based on major
possible earthquakes that could be expected in a zone of high seismic risk, on firm and soft
soll conditions. Accordingly, five earthquake records were used as input motion for the
evaluation of the dynamic response of the existing and retrofitted buildings. These records
correspond to four earthquakes: El Centro 1940, U.S.A., Chile 1985, Mexico 1985 and Loma
Prieta 1989, U.S.A. Table 4.1 shows information regarding the seismic events and soil
characteristics for the selected ground motions. Ground acceleration time histories for the
records are presented In Figs. 4.24 and 4.25. The El Centro, Vifia del Mar and Corralitos
records possess a predominant high frequency content, typical of "near-fault* earthquakes
and represent an extreme event on firm soil conditions. The Mexico City - SCT1 and
Oakland records were both measured on soft soil sites, as shown in Table 4.1. The
characteristics of the Mexico City - SCT1 record and its influence on the dynamic response
of structures have been well studied and clearly represents one of the most severe

Table 4.1 Earthquake data and site information for ground motions selected for study.

Location FRichier Epicenter | Station & Component | Peak Ground | Soil Type
Magnitude Distance Acceleration
{am)
imperial
Valley, 6.5 11.5 El Centro 035g Alluvium
California, NOQE
USA
(May 1940)
CHILE 78 110 Vifia del Mar 036¢g Alluvium
(March 1985) S20W
MEXICO 8.1 400 Mexico City- SCT1 017g Silty Clay
{Sept. 1985) NOOE deposits
Santa Cruz Corralitos
Mtns., S NOOE 063¢g Rock
California, 71
gcfotr Oakland
( 76 (Outer Harbor Wharf) 027¢g Bay Mud
1989) NS5W
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Figure 424  Ground acceleration for the earthquake records measured on firm soil sites.
El Centro (NOOE), Viiia del Mar (S20W) and Corralitos (NOOE).



112

0.8
0.6
04
0.2

IMEXICO CITY - SCT1 - N9OE

DNy I\.f\nn../\[\/\v.\n,\AAhAnn Oyl
i \rvuvvvwvv VMVVL]UVVV ot

-0.2
-04
-0.6

max. =-0.17 g

ACCELERATION, g
o

L2 LN UL L

0.8
0.8
04

OAKLAND (OHW) - NSsw

max. =027 g

LI S B

ACCELERATION, g

] n L

-0‘8 2 1 " 1 " | n 1 . | L | L 2
0 10 20 30 4 50 60 70 80 90
TIME (sec)

Figure 4.25  Ground acceleration for the earthquake records measured on soft soil sites.
Mexico City - SCT1 (N9OE) and Oakland (Outer Harbor Wharf - N55W)

recorded events on soft soil conditions. The Oakland record is interesting because it is one
the strongest components measured on soft soils during the Loma Prieta earthquake. In
addition, it was recorded on the same type of soil and within a few miles of the collapsed
section of the Cypress viaduct '®. The Mexico City - SCT1 and Oakland records will be used
to study the soil-structure interaction effects using the procedure and the soil properties
described in Chapter il (Table 3.1).
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4.5.2 Elastic Response Spectra

The elastic pseudo-acceleration response spectra corresponding to a 2% damping
for the ground motions measured on firm soil sites are presented in Fig. 4.26. The highest
spectral value is obtained for the Corralitos record with a peak value of 2.8 g at about 0.3
seconds. This spectral ordinate largely exceeds the peak spectral values for the rest of the
selected ground motions on firm soil. On the other hand, the spectral ordinates for the E!
Centro record are not as high as those of the Viiia del Mar and Corralitos records.
However, the record for El Centro has the advantage of having a significant low frequency
content that is unusual for a record measured on firm soll. Thus, the El Centro record
scaled to a peak ground acceleration of 0.5 g was included as input motion in addition to
the original record. The scaled El Centro record represents a more severe event on firm soil
conditions while at the same time it maintains the frequency content characteristics of the
original record. The response spectrum corresponding to the scaled version of the record
for El Centro Is also shown in Fig. 4.26.

Overall, the spectral ordinates for the records measured on firm soil reveal the
predominant high frequency content of these components and define a response spectrum
envelope with ordinates ranging from 1 to 2.7 g in the period range of 0.1 to 1 seconds.
For the period range of 1 to 1.5 seconds, the scaled El Centro and the Viiia del Mar records
have the largest spectral ordinates with almost identical values. The rest of the period range
is clearly dominated by the scaled El Centro record.

The elastic pseudo-acceleration response spectra corresponding to a 2% viscous
damping for the two records measured on soft soil sites are presented in Fig. 4.27. Both
records exhibit simlar peak spectral ordinates. However, the predominant frequency
content of these two records is completely different. Maximum response for the Mexico City
- SCT1 record is obtained at a natural period of about 2 seconds, while maximum response
for the Oakland record occurs at a natural period of about 0.6 seconds.

Elastic displacement response spectra for a 2% viscous damping are presented in
Figs. 4.28 and 4.29 for the ground motions on firm and soft soll sites respectively. As can
be seen in Fig. 4.28, the displacement spectral ordinates for the records on firm soil are
primarily dominated by the Scaled El Centro record, particularly in the long period range.
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Figure 4.27  Elastic response spectra (Pseudo-Acceleration) for selected ground
motions on soft soail sites.
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Elastic response spectra (Displacement) for selected ground motions

Elastic response spectra (Displacement) for selected ground motions
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* For the records measured on soft sail sites, the spectral ordinates are quite similar in the
short period range until a period of about 1.6 seconds, but then are largely dominated by
the Mexico City - SCT1 record in the long period range. Notice the extremely high
displacement requirements imposed by the latter record when this is compared to the rest
of the records considered in this study on firm and soft soils.

4.5.3 Inelastic Ductility Displacement Spectra

In order to evaluate the effects of inelastic behavior on the dynamic response to the
selected ground motions, displacement ductility demands were calculated using a bi-linear,
stiffness degrading, fixed-base SDOF model. Three yield strength levels, C y» Wwere
considered in the analyses: 10, 30 and 50% of the weight of the oscillator. Strain hardening
was arbitrarily assumed as 15 % of the initial stiffness and viscous damping was assumed
to be 2 % of the critical damping value. The results are presented in Figs. 4.30 and 4.31 for
the ground motions on firm and soft soil conditions respectively. As can be seen in Fig.
4.30, the highest displacement ductility demands for the records on firm soil are obtained
for the Corralitos and the scaled El Centro records. Notice that the ductility demands for
the scaled El Centro, Vifia del Mar and Corralitos records are practically the same in the
period range of 0 to 1 second for a low yield level (C y = 10%). However, when the yield
level Is increased to 30 %, the reduction in the ductility demands is much higher for the Viia
del Mar and El Centro records than for the other two records. Notice the high ductility
demands required by the Corralitos record in the short period range, even for a yield
strength of 50 % of the weight of the structure. For low yield strength levels (C y=10 %),
the scaled El Centro exhibits ductility demands that are as high as the rest of the records
on firm soil for the period range up to 1 second, and are higher in the long period range.

Analyses of the displacement ductility demands for the records on soft soils revealed
the following results. Both records exhibit very high ductility demands for a structure with
a relatively low yield strength (C y = 10%). Nonetheless, these demands are drastically
reduced over the entire period range upon increasing the yield strength to 30%, particularly
for the Mexico City - SCT1 record. Notice also that for a yield strength of 10% and for
periods larger than 0.6 seconds, the Mexico City - SCT1 record shows higher ductility
demands than the Oakland record. However, when the yield strength is increased to 30 %
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Figure 4.30  Displacement ductility demands for selected ground motions on firm
soll sites. Stiffness degrading model and 15% strain hardening. Yield
strengths of 10, 30, 50% of the weight of the oscillator.
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Displacement ductility demands for selected ground motions on soft
soil sites. Stiffness degrading (fixed-base) model and 15% strain

hardening. Yield strengths of 10, 30, 50% of the weight of the
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or higher, this situation is reversed and it is the Oakland record that imposes higher ductility
demands for periods up to about 1.4 seconds.

It must be emphasized that the displacement ductility demands obtained above for
the records on soft soil sites do not include the foundation flexibility nor the interaction
between the soil and the super-structure. Previous studies '7 suggest that ductility demands
tend to increase when soil-structure interaction effects are considered and therefore the
demands shown in Fig. 4.31 are likely to be higher when these effects are considered.

The results presented above suggest that a retrofit scheme for short period
structures (T < 1 second) on firm sail, must be able to supply a considerable amount of
ductility in addition to a high level of strength (see Fig. 4.30). These high ductility demands
may impose a tough requirement on the retrofit schemes for structures on firm soil sites.
While it Is relatively simple to increase the strength of an existing structure, it Is not as easy
to provide it with adequate ductility. In addition, most strengthening schemes produce an
Increase in stiffness and consequently shorten the period of the structure, which will call for
even higher ductility demands on the retrofitted structure. On the other hand, a similar
strengthening scheme used on soft soil sites, will have to satisfy lower ductility demands for
an equivalent strength level (see Fig. 4.31).

For long period structures ( T > 1.5 seconds), the ductility demands are relatively
low for all records measured on firm soil sites and also for the Oakland record. For the
Mexico City - SCT1 record, however, a similar retrofit scheme must satisfy higher ductility
demands, unless the retrofitted structure is stiffened to such a degree that its natural period
is shortened to a value of about 1 second or smaller.



CHAPTER V
ON THE BEHAVIOR OF POST-TENSIONED BRACING SYSTEMS

5.1 GENERAL

Cancentric bracing systems with medium to short slenderness ratio braces (braces
that carry tension and compression) have been the subject of numerous studies and their
behavior under static and dynamic loads Is relatively known and understood. In contrast,
the use of slender braces (braces that carry tension only) with initial prestress is uncommon
and its behavior unfamiliar.

The present Chapter reviews basic behavior of post-tensioned bracing and identifies
main parameters that significantly influence the behavior of the system. The study focuses
on the effects of initlal brace prestressing and material strength on the lateral stiffness and
strength of the structure, and on the ability of the system to dissipate energy under reversed
cyclic loading. The results obtained are used to establish the design and performance
criteria of the post-tensioned bracing as a retrofit scheme.

5.2 SINGLE-STORY BUILDING

Conslider the single-story - single-bay reinforced concrete frame shown in Fig. 5.1.
The frame represents a portion of a frame structure that Is in need of seismic retrofit. For
simplicity, the original frame structure was selected to have ductility, but a lack of adequate
strength. Member yielding was selected to occur prior to reaching an inter-story drift of 1
%; behavior believed to be representative of structures requiring seismic retrofit. To
strengthen the existing frame, two high strength steel rods were provided as X-bracing, as
shown in Fig. 5.1. Brace size was selected as the smallest possible size available for this
type of material. Modeling and material properties used to emulate the behavior of steel
rods followed the procedure outlined in Chapter lil.

As Indicated in Chapter ll, one of the advantages of post-tensioned bracing systems
is that braces can be initially prestressed, which will, in general, improve the performance
of the braces and that of the braced structure. The effect of initial prestressing on the steel

120
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Figure 5.1 Single-story - single-bay reinforced concrete frame. Original bare frame and
braced frame with high-strength slender braces.

braces is to produce a shift in the axis of the axial load - elongation relationship for the
braces, as lllustrated in Fig. 5.2. The shift results in an apparent compression strength of
the brace equal to the prestressing force, F p and in apparent yield strength in tension equal
to the yield strength of the brace, F y» minus the initial prestress force, F p- Brace initial
stiffness for the brace which elongates and for the brace that shortens is the same, and
therefore both braces will contribute to the initial lateral stiffness of the structure. If no initial
prestress is provided, only the brace which elongates contributes to the lateral stiffness of
the structure (tension-only-brace system). In the latter case, the brace that shortens begins
to sag as soon as the lateral load is applied.

Initial brace prestressing will also generate additional internal forces on the existing
structure, axial forces and bending moments in beams and columns. For clarity, however,
it will be assumed that the beam has infinite axial stiffness. Therefore, bending moments in
columns due to shortening of the beam when braces are initially prestressed will be
neglected for the single story structure. The effects of initial brace prestressing on the
distribution of initial forces in frame members is discussed in the following section for the
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Figure 5.2 Effects of initlal prestress on high slenderness ratio braces.

analysis of multi-story buildings.

5.2.1 Lateral Stitfness and Strength

To evaluate and compare the stiffness and strength of the original and braced
structure, the single-story structure was subjected to a monotonically increasing lateral load
until a lateral drift of 2%. For the braced structure, four different levels of initial brace
prestressing were Investigated, mainly to include various alternatives for the retrofit scheme.
The selected prestressing levels were: 0, 25, 50 and 75% of the brace yield strength. Fig.
5.3 shows the lateral load and inter-story dirift relationship obtained for the original and
braced structures. In this figure, the lateral load is normalized with respect to the strength
of the original frame at an inter-story drift of 2%.

The increase In lateral stiffness provided by the bracing system is apparent in all
cases. The minimum increase in initial stiffness is obtained when braces are not initially
prestressed because only the brace which elongates contributes to the lateral stiffness of
the structure. The maximum increase in the initial lateral stiffness Is obtained when some
initial prestress Is given to the braces because both braces contribute to the lateral stiffness
of the frame, as discussed above.
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Figure 5.3 Lateral load and inter-story drift relationship for the original bare frame and
braced frame with different levels of initial prestress for the braces.

For the structure with braces without initial prestressing (structure P0), the brace that
elongates remains within the elastic range until a drift level of about 1.35% when this brace
reaches its yield strength. The non-inear behavior exhibited by the structure prior to
yielding of the brace is due solely to yielding of the beam and the columns of the existing
frame. As described above, the brace which shortens has no contribution to the lateral
behavior of the structure. Clearly, the lateral resistance provided by the bracing system is
given by yield strength of the brace that elongates.

For the structure with braces with an initial prestress of 50 % of the brace yield
strength (structure P50), the apparent compression strength and the apparent yield strength
in tension of the braces (see Fig. 5.2) is the same; i.e. 50% of the material yield strength.
In this case, both braces will contribute to the lateral stiffness of the frame (i.e. remain
elastic) until the brace which shortens begins to sag at the same time that the brace which
elongates reaches its yield strength. Such a behavior is observed in Fig. 5.3 at a drift level
of about 0.68%. As above, the lateral resistance of the bracing system is provided by the
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yield strength of the brace which elongates. The additional increase in lateral strength
beyond the 0.68% drift is provided by the existing frame alone.

For initial brace prestressing levels of 25 and 75 % of the brace yield strength, the
resulting lateral load and drift relationships are identical, as shown in Fig. 5.3. However, the
sequence of events in the bracing system Is different. Fig. 5.4 shows the loading paths
followed by the braces with these two levels of initial prestress, which will help explain the
behavior observed in Fig. 5.3. For the structure with braces with initial prestressing of 25%
of the material yield strength (structure P25), the apparent compression strength (or initial
prestress level) of braces is 25% of the material yield strength. At the same time, the
magnitude for the apparent compression strength in structure P25 is exactly the same as
that of the apparent yield strength in tension for braces with initial prestress of 75% of brace
yield strength in structure P75 (see Fig. 5.4). It is clear then that the brace which shortens
in structure P25 will begin to sag at the same load and dirift level as that required to yield
the brace which elongates in structure P75 (path O - A in Fig. 5.4). Such behavior occurs
at a drift level of about 0.35%, point A in Figs. 5.3 and 5.4. Because an elasto-plastic
relationship (no-strain hardening) was assumed for the behavior of the braces in tension, the
lateral stiffness of the frame is reduced in the same proportion for both structures, P25 and
P75, as shown in Fig. 5.3. Beyond the 0.35% drift, only one brace continues to provide
lateral stiffness to the frame (brace which elongates in structure P25 and brace which
shortens in structure P75). At a drift of about 1% (point B in Figs. 5.3 and 5.4), the
sequence of events just described is reversed. The brace which shortens in structure P75
begins to sag at the same load and drift level as that required to yield the brace which
elongates in structure P25 (path A - B in Fig. 5.4). Similar to the two cases presented above
for braces without prestressing or for braces with initial prestressing of 50% of the brace
yield strength, the lateral resistance of the bracing system is provided by the yield strength
of only the brace that elongates (brace that shortens reaches its apparent compression
strength In every case).

While the lateral load and drift relationship of the two systems (structure P25 and
P75) under monotonic load Is identical, the energy dissipation characteristics are quite
different, as will be shown in the following section,
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Figure 5.4 Loading paths for braces with Initial prestress levels of 25 and 75% of the
yield strength.

Note that maximum strength of the bracing system of structures P25 or P75 is
reached at a drift level that falls between those obtained for braces with 50 % of initial
prestressing and no initlal prestressing (see Fig. 5.3). Because of the larger initial stiffness,
maximum strength of a bracing system with prestressed braces will always develop at a
smaller drift than that of a bracing system with non-prestressed braces. Also note that
minimum drift for maximum strength of the bracing system is obtained when braces are
initially prestressed to 50 % of yield strength.

Because of the relatively high yield strength of the rod braces, the additional
strength provided by the braces to the original frame is substantial (ss 3.5 times). Notice
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that, as in any prestressing system, the level of initial prestressing has no influence on the
ultimate strength (strength at 2% drift) of the braced structure. The latter depends
exclusively on the available strength of the existing structure and on the strength of the
braces.

5.2.2 Hysteretic Behavior

To evaluate the hysteretic characteristics of the bracing system, the single-story
braced frame was analyzed under reversed cyclic static loading for all four levels of initial
brace prestressing. The selected loading pattern consisted of four full cycles, each one
corresponding to a predetermined drift level. The selection of the drift levels was based on
the observed behavior under monotonic load and corresponded to particular events in the
response of the bracing system. In addition, a final cycle corresponding to a 2% drift was
also included as part of the loading pattern. Table 5.1 presents the selected drift levels and
the corresponding state of the braces at each drift level. The cyclic ioading pattern used
in the analyses was the same for all four levels of initial brace prestressing.

The resulting hysteresis cycles for the four levels of initial brace prestressing levels
are presented in Fig. 5.5. The hysteretic behavior of the structure is presented in terms of
the lateral load ratio (normalized as above) and the inter-story drift ratio. Each full cycle is
presented separately for clarity and for the purpose of comparison. Overall, the main effect
of Initial brace prestressing is to provide the bracing system with the abllity to dissipate
energy at low deformation cycles due to the yielding of braces in tension. In the first cycle,
braces remain within the elastic range for all levels of initial brace prestressing, except for
the case with 75 % initial prestress (P75) in which the brace which elongates reaches
yielding in tension (see Table 5.1). Notice the difference in behavior of this case with that
in which braces are inttially prestressed to 25 % of the yield strength (P25). In the iatter
case, the brace which shortens becomes slack (see Table 5.1) and nondinear elastic
behavior Is observed with no hysteretic behavior.

In the second cycle, small hysteretic behavior is observed for braces with no initial
brace prestressing (P0) and for braces with 25 % initial prestress (P25). The hysteretic
behavior is mostly due to the hinging of the beam and columns of the reinforced concrete



Table 5.1 Selected drift levels and corresponding state of braces.

Cycle Dyift Brace State of Brace
No. Lovel
%) ro" pP2s” Pso” P75
Elong. elastic elastic reach yielded
yielding
1 0.65
Short. slack slack begin to elastic
sag
Elong. elastic reach yielded yielded
2 1.01 yielding
Short. slack slack slack begin to
sag
Elong. reach yielded yielded yielded
3 135 yielding
Short. slack slack slack slack
Elong. yielded yielded yielded yielded
4 2
Short. slack slack slack slack

* [nitial brace prestress level
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frame, because yielding of braces is either non-existent or just developing (see Table 5.1).
For braces with 50% (P50) and 75 % (P75) of initial prestress, braces reach yielding in
tension and therefore the energy dissipated during the second cycle is higher than that

dissipated for braces with lower levels of initial prestress.

In the third cycle, ylelding of braces is observed in all cases in which braces are
intially prestressed, which allows more dissipation of energy than for the case in which
braces are non-prestressed (see Fig. 5.5). In the fourth cycle, vielding of braces in tension
is reached in all cases (see Table 5.1) and dissipated energy of the system is significantly

increased with respect to that of the previous cycle. However, the hysteresis loop shows

significant pinching near the origin in this last cycle.
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The latter results presented above can be better understood by looking at the
variation of the axial force level in the braces at each load cycle. This relationship is
presented in Fig. 5.6 for braces with an initial prestress level of 75 % of the yield strength
(P75). In addition, the corresponding hysteresis cycles have been reproduced again in this
figure, in which particular events are indicated for each load cycle. Because of the high
intial presiress level, both braces reach yielding during the first cycle, as shown in Fig. 5.6.
Upon reversal of the load, braces unload but they never become slack in this cycle (points
2&4). Notice that even though both braces reach yielding, the remaining axial force in the
braces upon completion of the first cycle is 50 % of the brace yield strength (point 5).
Further, note that the maximum drift level reached during this first cycle corresponds to that
in which braces reach yielding and begin to sag simultaneously under monotonic load when
braces are initlally prestressed to 50% of the yield strength (See Table 5.1). Atthe beginning
of the second cycle, both braces have an Initial prestress leve! of 50 % of the yield strength.
Therefore, the behavior of the frame for braces with initial prestress of 75% in the second
cycleis the same as that with braces with 50 % of initial prestress. The hysteresis loops are
for these two cases are the same, as can be seen in Fig. 5.5.

During the second cycle, both braces yield in tension and become slack. However,
by the end of the second cycle there still remains a prestress force of 25 % of the yield
strength in the braces (point 13). As above, notice that the maximum drift level imposed on
the frame during the second cycle corresponds to that in which braces with 25 % of initial
prestress reach yieiding in tension under monotonic load (See Table 5.1). The initial state
of the structure is then the same as that with braces with 25 % of Initial prestress. The
hysteresis loop for the third cycle is therefore the same for braces with initial prestress of
25, 50 and 75% of the yield strength, as can be seen in Fig. 5.5. During the third cycle,
braces yield and become slack, and by the end of this cycle the initial prestress level is lost
(point 21). The maximum inter-story drift imposed on the structure in the third cycle (point
16) Is that corresponding to yielding of the braces when no initial prestress Is provided (see
Table 5.1). The hysteresis loop corresponding to the fourth cycle is thus the same for all
prestressing levels examined, as shown in Fig. 55.

Due to the absence of initial prestressing, yielding of the braces during the fourth
cycle causes the braces to become slack upon unloading of the frame (point 24 for brace
A and point 28 for brace B). As a result, there exists a deformation range over which the
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Figure 5.6 Variation of the axial force level with the load cycle for braces with an initial
prestress level of 75 % of the yield strength.

braces carry no load and provide no lateral stiffness to the frame. Such behavior is typical
of tension-only-brace systems and is illustrated by segments 24 - 25 and 28 - 29 in Fig. 5.6.
The small stiffness of the hysteresis loop upon reloading of the frame in the opposite
direction (slope of segments 24 - 25 and 28 - 29) corresponds to that of the reinforced
concrete frame alone. Also note that when the structure reaches its undeformed position
(point 25), stiffness of the frame changes abruptly when the opposite brace begins to carry

tension.
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The behavior described above is aggravated if braces reach yielding in following
cycles, because each time that braces yield in tension a larger deformation is required for
the braces to carry tension upon reversal of the load. Therefore, the ability of the system
to dissipate energy decreases for each cycle in which braces reach yielding. Such behavior
is shown with a dashed line in Fig. 5.6.

Itis important to realize that the initial prestress level is not always lost upon yielding
of the braces. As described above, initial brace prestress is lost only when the structure is
deformed beyond the drift level corresponding to that of yielding of the braces when no
initial prestress Is provided. The axial load - elongation relationship experienced by one of
the braces with initial prestress of 75% of the yield strength under the cyclic loading is
shown in Fig. 5.7. Maximum elongations developed by the brace at the end of each cycle
are also shown In this figure. As can be seen in Fig. 5.7, the maximum elongation
developed by the brace upon losing its initial prestress level (third cycle, point 16) is exactly
equal to 1.75 times the yield elongation. In other terms, the maximum elongation that the
brace can be allowed to develop in tension without losing its initial prestress, is equal to the
yield elongation as measured from its deformation upon initial prestressing (undeformed
position for the braced structure), as shown in Fig. 5.7. This result is general and it does
not depend on the initial level of brace prestressing, as demonstrated by the sameness of
the hysteretic loops after yielding of the braces with different levels of initial prestress. The
maximum deformation that a brace can experience using the criterion described above is
twice the elongation at yielding of the brace (for a theoretical initial prestress of "100%" of
brace yield). Such maximum elongation is well below the elongation at ultimate for both
rods and strands (see Fig. 3.11).

5.2.3 Summary

The results presented above show that, as in any other prestressing system, initial
prestress of braces resuits in a higher lateral stiffness of the structure but it has no effect on
its uitimate strength.

For static lateral loads, “"optimum" behavior is obtained for an initial brace
prestressing level equal to 50 % of the brace yield strength. With this initial level of
prestress, the brace which elongates reaches yielding at the same time that the brace which
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Figure 5.7 Brace force and elongation relationship for braces with an initial prestress
level of 75% of the yield strength.

shortens begin to sag. Maximum strength of the bracing system is therefore reached at the
smallest possible drift for the braced structure. For lower levels of initial prestress, the brace
which shortens begins to sag prior to yielding of the brace which elongates. For prestress
levels higher than 50% of the yield strength, the behavior of braces just described is
reversed. As a result, the braced structure shows a reduction in its lateral stiffness,
developing larger displacements, prior to reaching the maximum strength of the bracing

system.

Under reversed cyclic loading, high levels of initial brace prestressing provide the
system with the ability to dissipate energy at small drifts due to yielding of braces in tension.
The higher the level of initial prestress, the smaller the lateral drift required to begin to
dissipate energy.

Yielding of braces in tension reduces the amount of initial prestress, but it does not
necessarily lead to the complete loss of prestress. Braces can be allowed to yield in tension
without completely losing prestress provided that the maximum elongation of the brace after
prestressing Is limited to the yield deformation.
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5.3 MULTI-STORY BUILDINGS

The behavior of a single-bay - single-story braced frame with slender braces under
static loading was discussed in detail in the previous section. For multi-story buildings, a
behavior similar to that of the single-story structure can be expected under static lateral
loads. Since a static load analysis provides information only on stiffness and strength and
not on the amount of deformation required during an earthquake, the behavior of the system
requires even further evaluation. Under earthquake loads it might be desirable to provide
an initial prestress level higher than 50 % of the brace yield strength and allow braces to
yield at small lateral drifts. This condition encourages early dissipation of energy in the
braced structure which will help reduce and thus improve overall response of the building.
On the other hand, early yielding of braces in tension could lead to elongations larger than
the maximum allowable (as defined in the previous section) and cause the braces to lose
the initial prestressing force in the early stages of severe ground motion. Such behavior
could be detrimental for the response of the braced structure because braces become slack
upon unloading of the structure. While this behavior could be catastrophic for a single-story
structure, it is unlikely that all braces lose the initial prestress level at the same time in a
multi-story building, particularly if a large number of braces has been provided. Thus, the
consequences of such an event in multi-story buildings are not expected to be as
destructive as for a single-story structure, although large lateral displacements can be
anticipated if all braces in a given story lose their initial prestress force.

In this section, an overview of the behavior for the post-tensioned bracing system
in multi-story buildings under earthquake loading is presented. The effects of the level of
initial brace prestressing and brace yield strength are the main parameters considered in the
evaluation of the dynamic response of structure. In addition, the forces generated in a
typical frame by initial brace prestressing are investigated. Based on the resuits obtained,
general design criteria are developed (optimum level of initial brace prestress and brace
yield strength).

5.3.1 Building Structure and Retrofit Schemes Selected for Evaluation

To evaluate the effects of initial prestressing and brace yield strength on the
dynamic response of a multi-story structure, the three story building presented in section 4.2
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was selected for study. The building was analyzed only in the longitudinal direction and was
subjected to the El Centro 1940 record. Two different bracing configurations were selected
as possible retrofit schemes, as shown in Fig. 5.8. In both cases, the bracing system is
provided only to perimeter frames.

A S e A M e A e R e e e el

CONFIGURATION C2

Brace Area: 3.16 in (Rods or Strands)
Figure 5.8 Bracing configuration patterns selected for evaluation.

Similar to the procedure followed for the single-story structure, four levels of initial
brace prestressing were considered in the analyses: 0, 25, 50 and 75 % of the brace yield
strength. In addition, the bracing system was evaluated for steel rods and for steel strands
as possible post-tensioned materials for the braces. The material properties adopted for
rods and strands, and the model used to emulate the behavior of these type of braces
followed the procedure presented in section 3.2.5.1.

To help identify the different cases studied, i.e.: bracing configuration pattern, level
of initial brace prestressing and material type used for braces (rods or strands), a particular
nomenclature is used as follows:
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R for rods
C#-P# - a/

configuration J

pattern number

S for strands

level of initial
brace prestressing ( % )

5.3.1.1 Effects of Initial Brace Prestress on Internal Force Distribution

As described above, Initial prestress of braces generates internal forces in the
existing structure which will modify the distribution and magnitude of internal forces due to
gravity loads alone. Depending on the level of initial prestress, brace size and bracing
configuration, internal forces due to prestressing of braces can be either beneficial or
detrimental for the behavior of the existing reinforced concrete members. Compressive axial
forces will be, in general, beneficial for the flexural and shear behavior of the members. In
columns, however, compressive axial forces will add to those from gravity loads, and the
resulting axial force may exceed the load at balanced strain conditions, which will reduce
the flexural capacity and available ductility of the section.

In Fig. 5.9, the bending moment distribution in columns of perimeter frames due to
gravity loads Is compared to that obtained after brace prestressing with configuration C1
and initial prestress level of 75% of the brace yield strength. In computing internal forces
in frame members it has been assumed that the forces due to brace prestressing are
resisted by the perimeter frames alone. Also shown in Fig. 5.9 is the ratio between the
acting moments and the estimated capacity of the sections. At the base of columns, the
capacity of the section is given by the failure of splices, M ops At the top the sections are
assumed to develop flexural ylelding, M y-

Overall, the increase in the maghnitude of bending moments, is in general, minimal.
Maximum increase In moments occur in second story columns (from 18% to 26 %).
However, the magnitude of the maximum moments developed after prestressing is of the
same order as the maximum moments developed under gravity loads alone. Note that the
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Figure 5.9 Effects of initial brace prestressing on the bending moment distribution in
perimeter frame columns. Original building and braced structure,
configuration C1 with initial brace prestressing of 75% of brace yield
strength.

bending moment at the base of exterior columns is reversed with respect to that obtained
under gravity loads alone. Also note that these columns are no longer in reversed curvature,
but rather in single curvature with a small bending moment at the top. In beams, initial
brace prestressing has only a minor effect on the distribution of bending moments.

In Fig. 5.10, the axial force distribution in columns and beams due to gravity loads
is compared to that after brace prestressing for the same bracing configuration (C1) and
prestress level considered above. As expected, axial forces in columns due to initial brace
prestressing are all compressive forces. The resulting axial forces due to gravity loads and
initial brace prestressing are, in average, three times as high as those under gravity loads
alone. However, maximum axial forces in first story columns approach 28% of the
maximum capacity in pure compression, P ., and remain below the load at balanced strain
conditions. The effects of brace prestressing will improve the flexural behavior of the

column in this case.
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Figure 5.10  Axial force distribution in columns and beams for the braced structure with
configuration C1 and initial brace prestressing of 75% of brace vyield
strength.

Axial force in beams due to brace prestressing are all compressive forces, except
for the beams of exterior bays in the second floor level in which some minor axial tension
is developed. The magnitude of the tensile forces in these beams is very small (= 1 kip)
relative to the scale used in Fig. 5.10. Maximum axial compression in beams approach 27%
of the capacity in pure compression for the beam in the top story.

The level of forces induced by initial brace prestressing with configuration C2 is of
similar magnitude.

The results presented above show that in general the level of forces induced by
initial prestressing of the braces is beneficial for the behavior of the reinforced concrete
members. Induced bending moments vary slightly from those under gravity loads alone and
axial forces are mostly compressive forces with magnitudes that remain below the load at
balanced strain conditions. It is clear, however, that these results will vary for each structure
and for each bracing configuration, and therefore each case will have to be analyzed
individually.
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While the initial pre-compression forces due to brace prestressing will in general
enhance the flexural behavior of existing members, the magnitude of these forces under
earthquake loading may vary considerably, particularly for exterior columns. It was thus
decided that compressive forces due to brace prestressing cannot be relied upon to improve
the behavior of the reinforced concrete members and it was not included in the analyses.
As stated in Chapter Ill, member capacity was based on axial forces due to gravity loads
alone.

5.3.1.2 Lateral Stiffness and Strength

To compare the stiffness and strength of the original and retrofitted building,
inelastic lateral load analyses were performed. Fig 5.11 shows a comparison of the
relationship of the base shear coefficient and the drift at the centroid of inertia forces for the
existing and braced building with steel rods using configuration C1. A uniform lateral load
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Figure 5.11  Base shear coefficient and drift relationship for the original and braced

building with configuration pattern C1 (steel rods) and different levels of
initial brace prestressing.
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distribution was used to obtain the relationships shown in Fig. 5.11. Similar to the results
obtained for the single-story structure, the increase in stiffness and strength provided by the
bracing system is substantial. Notice the resemblance in the behavior of the braced
structure for different levels of initial brace prestressing with that of the single story structure
(see fig. 5.3). The main reason for this result is that lateral stiffness and strength of the
braced building with configuration C1 is governed by the behavior of the braces in the first
story. In Fig. 5.11, the reductions in stiffness of the building are due to yielding of the
braces which elongate and/or sagging of the braces which shorten, as described for the
single story structure for the different prestress levels.

The base shear strength of both bracing configurations (C1 and C2) is the same
(same number and size of braces in the first story). However, because of the larger number
of braces in the second and third stories, lateral stiffness of configuration C2 is somewhat
larger than that of configuration C1 (load and dirift relationship for configuration C2 is not
shown in Fig. 5.11 for clarity).

The overall behavior described above for configurations C1 and C2 is similar when
strands are provided instead of rods. However, due to the higher yield strength of steel
strands, a higher ultimate strength is developed for the braced building.

5.3.1.3 Dynamic Response Analyses

Dynamic Properties

The dynamic properties of the existing and retrofitted buildings are presented in
Table 5.2. Because cracking of the reinforced concrete elements is expected to take place
in the early stages of the response of the building during severe ground motion, natural
periods of vibration were computed assuming all members to be initially cracked. As can
be seen, the stiffness provided by the bracing configurations (C1 and C2) result in a
significant reduction in the fundamental period of vibration of the building, particularly when
braces are initially prestressed. Based on the response spectra obtained for the El Centro
1940 record, it can be anticipated that shortening fn the period of vibration will result in an
increase in response and in higher displacement ductility demands for the braced structure
(See Figs. 4.26 and 4.30). This result will be typical for most buildings located on firm soil
sites and correspond to the most severe condition for the retrofit scheme from the
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standpoint of dynamic response of the retrofitted building. Notice that the addition of the
bracing system has minimal influence in the modal participation factors (see Table 5.2).

Table 5.2 Dynamic properties of original and braced buildings.

Period (sec) Modal Mass Ratio

Building

1! Mode | 279 Mode | 15tMode | 2"d Mode
Original 1.11 0.36 0.87 0.10
Config. C1  w/o prestress 0.66 0.25 0.84 0.12
w/ prestress 0.52 0.21 0.83 0.13
Config. C2  w/o prestress 0.60 0.21 0.90 0.09
w/ prestress 0.46 0.17 0.90 0.08
Dynamic Response

In this section, the performance of the post-tensioned bracing system is evaluated
by examining the response of the braced building to the El Centro record. In addition,
variables that have a substantial influence in the overall behavior of the retrofitted building
are identified and minimum criteria for the design of the post-tensioned bracing system are
established.

a) Maximum Displacements and Inter-story Drifts

A comparison of the time history responses obtained for the original and braced
buildings with steel rods for the four levels of initial brace prestressing is presented in Fig.
5.12. As can be seen, maximum roof displacement is reduced with respect to that cbtained
for the original structure in all cases, except in the case in which no initial brace prestressing
was provided. Notice that maximum roof displacement is decreased as ti.e level of Initial
brace prestressing is increased. Also note that initial brace prestressing has a significant
influence in limiting the number of large amplitude cycles, which will help reduce the level
of cumulative damage in the structure. Even for a 25 % initial prestress, the number of large
amplitude cycles is confined to approximately the first 6 seconds of the record. When no
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initial brace prestressing is provided, large amplitude cycles are obtained over most of the
response. Although not presented here, the same trend is observed for steel strands and
for bracing configuration C2.

Maximum inter-story drifts ratios obtained for each story level for the original and
braced structure with steel rods and strands are shown in Fig. 5.13. The relationships are
shown for all four levels of initial brace prestressing, but only for bracing configuration Ct1.
Because configuration C1 provided a story stiffness that is gradually reduced with height,
maximum inter-story drift distribution with height differs from that obtained for the original
structure. While inter-story drift maxima for the braced structure does not always occur in
the first story (as In the original structure), the braced structure shows a reduction in the
maximum inter-story drifts for ali levels of prestress, including the case when no initial
prestress is provided. The resulits also show that, in general, a higher level of initial brace
prestressing leads to smaller inter-story drifts for both steel rods and strands. The same
conclusion holds true for bracing configuration C2. Notice that for a given initial level of
brace prestressing, maximum inter-story drifts are, in general, very similar for both rods and
strands.

While maximum roof displacement for bracing configuration C1 with steel rods
without initial prestress (C1-P0-R) increased with respect to that of the original building (see
Fig. 5.12), inter-story drift maxima were in fact reduced (Fig. 5.13).

b) Performance of Braces

Overall, using either steel rods or steel strands, there were a limited number of
braces that reached yielding or that became slack for both bracing configurations. Although
a few steel rods reached yielding for initial prestress levels of 25% and higher, initial brace
prestress was reduced but it was never lost. Strands reached yielding only when initially
prestressed to 75 % of the yield strength and became slack on fewer instances than steel
rods.

In Fig. 5.14, the axial force and elongation relationship for one of the most stressed
rod braces of configuration C1 is presented. Also shown in this figure is the axial force time
history for the same brace. The relationships are shown for 25, 50 and 75% of initial
prestress. While this brace reached yielding during maximum response of the building when
initially prestressed to 50 and 75% of the brace yield strength, its initial prestress level was
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Figure 5.13  Comparison of maximum inter-story drift ratios obtained for the original
and braced building with rods and strands using configuration Ct,
subjected to El Centro.
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Figure 5.14  Comparison of brace force and elongation relationship for different levels
of initial prestress. Braced structure with configuration C1 subjected to
El Centro record.

only partially reduced. Thus, this brace never lost prestress and always became taut upon
reversal of the load. It should be remembered that in order for a brace to lose the prestress
level completely and become slack upon unloading, the brace has to undergo an elongation
equal to the yield elongation (A ,,,,. in Fig. 5.14), regardless of the level of initial prestress
force (see section 5.2.2). It must be emphasized that the relationships shown in Fig. 5.14
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correspond to one of the most stressed braces during the seismic event. The rest of the
rod braces were subjected to smaller elongations and became slack in fewer instances.

The reduction in maximum response and inter-story drift ratio observed for higher
levels of initial brace prestress, and the adequate performance of the braces described
above, indicate that early yielding of braces is beneficial for the overall response of the
structure. Thus, yielding of braces should be allowed during an extreme event, provided
that maximum brace elongation remains below the allowable level described earlier.

¢) Performance of Reinforced Concrete Frame Members

The analyses indicate that for the original structure splice failure occurred in all first
story columns, with extensive damage and loss of strength and stifiness of the failing
column sections. Pull-out of bottom beam bars is also observed, with almost total loss of
capacity in positive moment. Yielding in "negative” moment is observed in all beam sections
but with minor inelastic excursions.

For the braced structure, the performance of beams and columns vary depending
on the level on initial level of brace prestress. Overall, the higher the level of initial brace
prestress the better the performance of reinforced concrete members. When braces are not
initially prestressed, the improvement in the behavior of existing members is minimal, if any.
The behavior described above Is observed for both bracing configurations, C1 and C2.

To illustrate the effects of initial brace prestressing on the behavior of the existing
reinforced concrete members, the moment - rotation relationship obtained at the base for
a first story column is presented In Fig. 5.15. In these figures, the moment - rotation
relationships of the members obtained for the original structure is compared with that of the
braced structure using configuration C2. Since lower levels of initial brace prestressing do
not improve the performance of members significantly, the relationships are shown only for
prestress levels of 50 and 75 % of the brace yield strength. The results for both rods and
strands are presented. The acting moment and corresponding rotation are shown as a
fraction of the values that would produce a splice failure of the column section. The
member shown corresponds to the column with the largest rotational demands in both the
original and the braced structure.
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Figure 5.15  Comparison of moment-rotation relationship for a column of the three-story
building (E! Centro record). Original and braced building, Config. C2, rads
and strands, initial prestress of 50 and 75% of brace yield strength.
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As can be seen, splice failure in this element was not prevented with bracing
configuration C2. However, the bracing system was able to limit the strength and stiffness
degradation of the element. While the reduction in moment capacity of the section is as
much as 75 % of its maximum strength in the original structure, the same moment reduction
is at most 40 % when rod braces with 50 % initial prestress were provided. The rest of the
cases examined in Fig. 5.15 exhibit even lower reductions in strength. It should be
emphasized that the column section shown in the figure corresponds to the element with
the largest rotational demands and that the rest of the column members showed reductions
in strength that are even smaller or non-existent (splice failure prevented). The smallest
reductions in strength are obtained for braces (rods or strands) with 75 % of initial prestress.
The use of strands resuits in only marginal improvements in the behavior of the column
section. Overall, the results show that the bracing system can be designed to prevent or
at least reduce strength and inelastic rotation demands in columns.

In Fig. 5.16, the moment - rotation relationship for the end section of an exterior
beam in an interior frame is presented. The relationships are shown for the same bracing
configuration pattern and levels of initial brace prestressing as those of the column element
presented above. The acting moment and corresponding rotation are shown as a fraction
of the values that would cause yielding of the section in “negative" moment. As above, the
beam section shown corresponds to the element with the largest rotational demands in the
original and in the braced structure. Notice the resemblance of the overall shape of the
hysteresis loops with those obtained from experimental studles (see Fig. 2.7).

The results of Fig. 5.16 indicate that the bracing system was not able to prevent
anchorage failure of bottom reinforcing bars, although it always helped reduce the extent
of inelastic excursions and, thus, reduce the level of damage of the sections. In general,
pull-out of bottom reinforcing bars in beams was not prevented with any of the two bracing
configurations considered. In addition, the effectiveness of the bracing system (C1 or C2)
to reduce the loss of strength that follows anchorage failure of bottom bars is minimal,
regardless of the level of initial prestressing considered for the braces. Because pull-out of
bottom reinforcing bars commences at smaller drifts than those required to produce splice
failure in columns (See Fig. 4.8), it appears that In order to prevent such a failure a very stiff
bracing system would be required. This result imposes a severe requirement on the post-
tensioned bracing system if pull-out of bottom beam bars is to be prevented.
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Comparison of moment-rotation relationship for a beam of the three-story

building (El Centro record). Original and braced structure, config. C2, rods
and strands, initial prestress levels of 50 an 75% of brace yield strength.
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d) Story Shear

To examine the behavior of the braced structure further, the story shear developed
in the original and braced structure Is studied. Fig. 5.17 shows the story shear and inter-
story drift ratio relationship for the original building. As can be seen, most of the inelastic
behavior is concentrated in the first story which is consistent with the level of damage
described above for this story level. Shear strength Is reached in the first story and, despite
the generalized splice failure in the columns in this story, only marginal reductions are
observed in the base shear capacity. Such behavior is explained by the redistribution of
bending moments from the base to the top of first story columns that follows after fallure of
splices. On the other hand, story stiffness showed a significant reduction after failure of
splices and the drift in the first story reached about 1.7%. The inelastic behavior that is
observed in the upper two stories is due exclusively to the anchorage failure of bottom
beam bars and yielding of the end sections of beams as splice failure in second and third
story columns was not observed.

A comparison of the story shear and inter-story drift relationships for the original and
braced structures is presented in Fig. 5.18. In this figure, the relationships are shown for
steel rods and strands, with bracing configuration C1. Based on the better performance of
the braced structure with high initial brace prestressing, the story shear and inter-story drift
relationships are compared only for braces with an initial prestress of 50 and 75% of the
brace yield strength. A similar comparison is shown in Fig. 5.19 for bracing configuration
C2.

Overall, both bracing configurations show a significant increase in story shear
stiffness and strength, and a considerable reduction in the inelastic behavior of the building.
For bracing configuration C1, most of the hysteretic behavior occurs at the second story
level rather than at the first story, as it was anticipated from the maximum inter-story drifts
obtained in Fig. 5.13. When steel strands with an initial prestress of 50 % of the brace yield
strength are provided, braces do not reach yielding and therefore the hysteretic behavior
observed is due only to that of the original reinforced concrete frame.

In bracing configuration C2, the shear strength provided by the bracing system is
essentially the same for every story (see Fig. 5.8), and since maximum shear demands for
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Figure 5.17  Story shear and Inter-story drift ratio relationship for the 3-story building
subjected to El Centro 1940.
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the building occur in the first story, inelastic behavior initiated and is concentrated in the first
story. As a result, story shear and inter-story drift maxima always occur in the first story,
regardless the level of initial brace prestressing, as shown in Fig. 5.19.

The level of initial prestress has only a moderate influence on the behavior and
distribution of the story shear of the building. As discussed in previous sections, when
braces, steel rods or strands, are initially prestressed to 75 % of the yield strength, braces
reach yielding at smaller drifts than those required to yield braces with lower levels of initial
prestress. Thus, the system with high initial prestress (75% of brace yield strength) begins
to dissipate energy in the early stages of a ground motion and results in a larger number
of hysteresis cyclés. Such behavior apparently results in a more even distribution of the
inelastic behavior throughout the height of the structure, as can be seen in Figs. 5.18 and
5.19 for both configurations with braces with initial prestress of 75% of brace yield st-ength.
Also note that maximum inter-story shears and inter-story drifts are slightly reduced with
respect to those obtained for braces with initial prestress of 50% of brace yield strength.

e) Axial Forces in Columns and Beams

One aspect that is of concern in the use of a high strength post-tensioned bracing
system is the level of axial forces (compression and tension) induced in the frame members,
particularly in columns. Fig. 5.20 shows the maximum axial force level developed in the
columns of the perimeter frames braced with configurations C1 and C2, for braces with initial
prestress levels of 50 and 75% of the brace yield strength. Maximum compressive forces
are presented as the ratio between the maximum axial force induced, P ., , and the axial
load strength for balanced strain conditions, P, . Also shown is the ratio between the
maximum axial force, P , , and the axial load strength of the column in pure compression,
P .. Tension forces are presented as fraction of the force that would produce failure of
splices in the column in pure tension, T .

As expected, because of the higher strength of steel strands, these type of braces
always induce higher axial forces in the columns than steel rods. The level of initial brace
prestressing has little effect on the maximum axial compressive forces induced in the
columns, because most braces reach yielding for the prestressing levels considered in Fig.
5.20. On the other hand, maximum tension forces appear to be reduced when a higher level

of initial brace prestressing Is used.
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P/ Py Tap : tonsion force to produce splice falure P/ P
o I z
: - "
w z
0
T 1 §
2
g "o ’
E g
=
= E
-
a | -1
o CONFIGURATION C1 CONFIGURATION C2
T/ Tsp

INITIAL BRACE PRESTRESS LEVEL
50% Fy % Fy
Figure 520  Comparison of maximum axial force in columns for bracing configuration

C1 and C2, for rods and strands with initial prestress of 50 and 75 % of the
brace yield strength.

Maximum compression forces for configuration C1 remained below the compression
capacity of the columns, although they exceeded the load strength corresponding to
balanced strain conditions. Compression forces from gravity loads were never exceeded
in this case, and therefore axial tension forces in columns were never developed when
bracing pattern C1 was used.

On the other hand, maximum compressive forces obtained for bracing configuration
C2 are much higher than those obtained for configuration C1. In fact, the level of
compressive forces developed for bracing pattern C2 far exceeded the axial strength
corresponding to balanced strain conditions. Tension forces developed for bracing
configuration C2 were quite high in general, and exceeded the predicted capacity in tension
for braces with an initial prestress of 50 % of the brace yield strength.



155

While axial compression will, in general, help improve strength of columns, the level
of axial forces observed for bracing configuration C2 is probably more harmful than
beneficial for the strength and integrity of the columns. As shown above, compressive and
tension forces were excessive and jeopardized the safety of the building. Nonetheless,
bracing configuration C2 could be used as a possible retrofit scheme for the structure,
provided that axial strength of the columns is increased to a safe level. Because maximum
axial forces developed In columns remained within a reasonable level, the use of external
jacketing or steel collector members are viable alternatives to improve the axial strength of
the columns.

Axial compressive forces induced in beams remained below the axial member
capacity, although they reached very high levels for some beams of the braced bays with
configuration C2. For strands with an Initial prestress of 75% of the brace yield strength,
maximum compression forces in beams of braced bays (first and second fioor levels)
reached almost 80% of the capacity in pure compression. Axial tension in beams was
observed in only a few members and was very small with both bracing configurations.

The results presented above suggest that while the axial force level in column and
beam members may indeed be quite high and exceed the axial capacity of the existing
members, the post-tensioned bracing system can be designed to provide an allowable axial
load level. The level of axial load induced in columns is related to the proper selection of
the bracing configuration rather than to the strength of the braces, as demonstrated by the
significant difference in the axial force level obtained for bracing configurations C1 and C2.
Overall, the level of axial forces induced is such that external strengthening of members is
a feasible alternative.

The resuits obtained above indicate that using either rods or strands, the overall
dynamic response and the magnitude of axial forces in existing members is, in general, very
similar. There is, however, one aspect in which the material strength may be decisive in the
design process of the post-tensioned bracing system. Because of the higher uitimate
strength of steel strands, brace forces for a bundle of strands will be larger than those of a
bundle of steel rods (= 1.4 times larger). Thus, it can be anticipated that the design of
anchor systems and modifications to foundations for steel strand braces will be both more
cumbersome and expensive.
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+ 5.4 SUMMARY AND CONCLUSIONS

The post-tensioned bracing system as a retrofit scheme was studied by examining
the behavior of a single-story single-bay structure and a three-story frame building. Both
inelastic static and dynamic behavior were investigated. Main parameters studied included
the level of initial brace prestressing and brace yield strength. Based on the analyses and
the results obtained from the evaluation of the post-tensioned bracing system, the following
conclusions were obtained:

a) Yielding in tension reduces the amount of initial prestress in the brace, but it
does not necessarily lead to the total loss of prestress. Braces can be allowed to yield
without completely losing the prestress force. The maximum allowable elongation of the
brace beyond that at prestressing must not exceed the yield deformation.

b) Dynamic analyses indicate that high initial prestress levels help reduce the lateral
response of the building. Initial prestress levels of 50% of the brace yield strength or higher
should be used in design for the best performance of the system.

c) Initial brace prestressing can significantly modify the distribution of intemal forces
(bending moments and axial forces) of existing elements. Depending on the bracing
configuration, brace size and initlal prestress level, the magnitude of the induced forces due
to prestressing may reach values that approach the capacity of the members, particulady
in exterior columns of the bullding. Initlal brace prestressing could become a disadvantage
of the post-tensioned bracing system and may impose a limitation on the maximum brace
size that can be safely prestressed without jeopardizing the integrity of the existing building.

d) Brace strength (steel rods versus steel strands) showed no significant influence
on the overall dynamic response of the structure. At the same time, the higher strength of
steel strands leads to compressive axial forces in columns and beams that are slightly higher
than those obtained with steel rods. However, because of the lower strength of steel rods
the design of anchor systems and modifications to foundations for steel rod braces may be
more economical, and may represent a preferable alternative to steel strands in the design
of a post-tensioned bracing system.



CHAPTER VI
RETROFIT SCHEMES - PERFORMANCE AND EVALUATION

6.1 GENERAL

The inelastic response of original and retrofitted buildings for the selected
earthquake records Is presented in this chapter. The results are presented individually for
each of the prototype buildings considered in the present study. The selected retrofit
schemes to improve the seismic behavior of the original building include post-tensioned
bracing systems, concentric X-bracing and the addition of structural walls.

As discussed in Chapter II, solutions that confine retrofit operations to only the
perimeter of the structure are often preferred because they expedite the rehabilitation
process and minimize disturbance to the occupants. Accordingly, the retrofit schemes
included in this study will be added only to perimeter frames of the buildings.

The performance of the original and retrofitted bulldings is compared and evaluated
by examining lateral displacements, maximum inter-story drifts, and the behavior of the
existing reinforced concrete frame and that of the new elements incorporated by the retrofit

scheme.

6.2 PROTOTYPE STRUCTURE | - THREE-STORY BUILDING

Analyses of the original and retrofitted buildings were conducted only in the
longitudinal direction of the bullding. However, because structural properties and behavioral
characteristics of frame members are similar in both directions, the resuits and conclusions
obtained from analyses of the retrofit systems are belleved to be applicable for the
transverse direction as well.

6.2.1 Original Building

6.2.1.1 Dynamic Response Analysis
The lateral stiffness and strength characteristics of the original building have been
presented in detail in Chapter [V. Table 6.1 shows the dynamic properties of the building

157
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in terms of the fundamental period of vibration. Also shown In this table are the effective
damping ratios corresponding to the different types of soil conditions selected for study.
For firm soil conditions, effective damping was selected as 2% of critical in all cases as
Indicated in Chapter lll. For soft soll conditions, effective damping of the soil-structure
system was determined using the procedure outlined In section 3.3, and varied primarily
depending upon the type of sail and, the ratio between the fundamental period of the flexible
supported structure and that of the fixed-base structure (period lengthening ratio).

Table 6.1 Dynamic propertles of original bullding.

Fundamental Peciod (sec)
[Effective Damping]*
Soll Type
Building Fm Soft
Silty Clay San Francisco Bay Mud
De?odb (Califomia)
G Case | Case
Original 1.11 113 1.12 1.13
[20%] [24%] [24%] [24%]

* values are based onah” / 1 ratio of 0.51 in accordance with the dimensiona of the foundation.

Notice that the period lengthening of the building on soft sail sites is minimal.
Consequently, effective damping ratios differ little from those of the building on firm soil
sites.

Dynamic Response
ilding Response on Firm Soil Sit

The time history response of the building for the earthquake records on firm soil Is
presented in Fig. 6.1. Roof displacement maxima is obtained for the Viia del Mar record,
with a value of 7.51" which corresponds to 1.74% overall drift (roof displacement divided by
the height of the building). Maximum roof displacement for the other two records Is of the
same order, as shown in Fig. 6.1. A comparison of maximum inter-story drifts for building
subjected to the records on firm soils Is presented in Fig. 6.2. Note that maximum inter-
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Figure 6.1 Time - history response of the original building obtained for the records on firm
soil sites. (Scaled El Centro, Corralitos and Viiia del Mar)

story drifts for the scaled El Centro and Viiia del Mar records occurred in the first story,
while for the Corralitos record maximum inter-story drift occurred in the second story. Inter-
story drifts in the first story for the scaled El Centro and Viiia del Mar records exceed a
value of 3%. For the Corralitos record, maximum inter-story drift approaches 2% in the
second story. In all three cases the values for the maximum inter-story drifts are large and
may represent a threat to the overall stability of the building.

Overall, damage to frame members produced by the records on firm solis is severe.
The analyses revealed that splice fallure would occur in all columns of the first story and in
some columns of the second story for all three earthquake records on firm soll sites.
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OQRIGINAL STRUCTURE
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Figure 6.2 Maximum inter-story drift ratios for the original building subjected to the
ground motion on firm soil sites. (Scaled El Centro, Corralitos and Viiia del
Mar)

Similarly, pull-out of bottom beam reinforcement is predicted in all beams of the first and
second floor. Yielding in "negative” moment is observed in all beams in the first floor and
in some beams of the second floor. Inelastic behavior of members in the top story was
almost non-existent or minimal.

Building R nse on Soft Soil Sit

The time - history response and the maximum Inter-story drifts ratios obtained for
the original structure subjected to the two records on soft soil conditions are presented in
Fig. 6.3. The roof displacements shown In this figure consider soll-structure interaction
effects and thus include the lateral displacements and rocking of the foundation. The latter
is, however, negligible in this caée. The drift values shown take due account of the lateral
displacement and rocking motion of the foundation and correspond to the actual inter-story
drift experienced by the building (A in Fig. 3.14). Also, the roof displacement and drift
values shown in Fig. 6.3 for the Oakland record correspond to those obtained using soil
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case ll, and differ little with those obtained for the fixed-base condition or using soil case |.
In general, soil-structure interaction effects proved to be negligible and did not have any
significant effects on the response of the original building.

The results shown in Fig. 6.3 suggest that the original building would probably have
collapsed during these two ground motions. For the Mexico City - SCT1 record, the building
exhibited lateral displacements far in excess of 4% drift in all three stories. For the Oakland
record, only the first story exhibited a drift in excess of 4%. However, such an inter-story
drift would most probably lead to the local collapse of the first story and that of the entire
structure.

6.2.1.2 Summary

The behavior exhibited by the original building for the earthquake records on firm
and soft soils is inadequate. For the buildings on firm soil, reinforced concrete members
are expected to suffer extensive damage for the three earthquake records considered.
Partial collapse of the structure is most probable, which combined with the lack of ductility
of its members could lead to total collapse. For the buildings on soft solls, collapse of the
building is anticipated for both records.

6.2.2 Retrofit Scheme | - Post-Tensioned Bracing Systems

Four bracing configurations were selected to evaluate the performance of the post-
tensioned bracing system. Based on the results obtained in Chapter V, only steel rods were
considered for braces and only two levels of initial brace prestressing were included in the
analyses, namely: 50% and 75% of the brace yield strength. Figure 6.4 shows all four
bracing configurations designed for study. Bracing configurations C1 and C2 are the same
as those described in Chapter V, while bracing configurations C3 and C4 are new bracing
schemes. As shown in Fig. 6.4, most braces consist of two 1 3/8" diameter steel rods,
except for the braces of two bays on the third story of bracing configuration C3 which
consider only one 1 3/8" diameter rod. The latter design configuration was adopted mainly
to take advantage of the reduced stiffness and strength demands at the top story of the
building. All bracing schemes were designed to provide different levels of stifiness and
strength. Notice that for bracing configuration C4, braces have been anchored every other
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floor, except at the first fioor level where braces are anchored at each joint. The main
reason for selecting such a scheme was to ease installation of anchor devices and reduce
congestion of reinforcement at the joint.

A particular aspect of the post-tensioned bracing system is the addition of external
forces to existing members due to the Initial prestressing of braces. In Fig. 6.5, the bending
moment distribution obtained In columns of perimeter frames due to gravity loads Is
compared with that obtained for the braced structure (scheme C4, braces with 75% of initial
prestressing). Also shown in this figure is the ratio between the acting moments and the
estimated capacity of the sections. At the base of columns, the capacity of the section Is
given by failure of splices, M gp s at the top, sections are assumed to develop flexural
yielding, M v Forces due to prestressing of braces are assumed to be resisted exclusively
by the perimeter frames. Bracing configuration C4 was selected to evaluate the effects of

Original Building
0.24

Giravity Loads

Braced C4 M
025 0.25 -T

044 0.44

M
025 ) 025 =——

Gravity Loads + Initial Brace Prestressing (75%Fy)

Figure 6.5 Effects of initlal brace prestressing on the bending moment distribution in
perimeter frame columns. Original building and braced structure, bracing
config. C4 with initlal brace prestressing of 75% of brace yield strength.
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initial brace prestressing because it produces some of the largest forces in the existing
reinforced concrete members.

The increase in column bending moments due to Initial brace prestressing is
apparent, particularly for exterior columns. Notice that for first story exterior columns,
bending moments are reversed with respect to those obtained under gravity loads alone.
Maximum bending moments are obtained in first and second story exterior columns. The
magnitude of these moments correspond to 25 and 44% of the splice capacity for the first
and second story columns, respectively. In beams, initial brace prestressing had almost no
effect on the bending moment distribution. The magnitude of the bending moments in
columns due to brace prestressing does not pose a threat to the integrity of the structure,
but will require special consideration to avoid serviceability problems.

The distribution of axial forces in columns and beams due to gravity loads and initial
brace prestressing for the same bracing scheme (C4) is shown in Fig. 6.6. As expected,
axial forces in columns are all compressive forces. Note that the magnitude of these forces
is significantly increased with respect to those under gravity loads alone. For some interior

i c

A A o Al o A A e R e A

R
Gravity Loads
B Gravity Loads + Initial Brace Prestressing (75% Fy)

Figure 6.6 Axial force distribution in columns and beams for the braced structure with
configuration C4 and Initial brace prestressing of 75% of brace yield strength.
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* columns in the first story, the induced axial forces are greater than the load at balanced
strain conditions, but remain below the estimated compressive capacity.

Axial forces in beams are all compressive forces. The level of the axial forces due
to prestressing in beams remained, in general, within 40% of thelr capacity in pure
compression. However, the axial force induced in the central beam of the first fioor
approached 72% of the capacity in compression and must be strengthened to carry these
additional axial forces.

As indicated in Chapter V, the magnitude of the axial compressive forces due to
brace prestressing may vary considerably during earthquake loading, and cannot be relied
upon to improve the behavior of reinforced concrete members. Therefore, member capacity
was based on axial forces due to gravity loads alone.

The forces induced by initial brace prestressing for the other bracing configurations
are in general of the same magnitude or smaller. Axial forces induced in columns are
always compressive forces for all the configurations studied. However, small initial tension
forces are induced in some beam members for the other configurations. The techniques to
help carry these tension forces or excessively high compression forces are discussed later
in this Chapter.

6.2.2.1 Lateral Stiffness and Strength

In Fig. 6.7, the relationships for the base shear coefficient and the drift at the
centroid of inertia forces for the existing (original) building and those for the braced building
with the four configurations are compared. The relationships shown in Fig. 6.7 have been
obtained using a uniform lateral load distribution over the height of the building. An initial
prestress level of 75% of the brace yleld strength is assumed for all bracing configurations.

As can be seen In Fig. 6.7, the Increase in stiffness and strength for all bracing
configurations is substantial. Because braces are initially prestressed to 75% of their yield
strength, braces that elongate (lengthening braces) under the action of the lateral load reach
yielding before braces that shorten (shortening braces) begin to sag. Maximum strength of
the braced structure is reached when the shortening braces begin to sag in the first story.
While bracing configuration C2 provides a larger initial stiffness than configuration C1,
uitimate strength for both configurations Is almost the same. This result Is explained by the
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Figure 6.7 Base shear coefficient and drift at centroid of inertia forces relationship for the
three-story building. Original and braced structure with post-tensioned steel
rods (configurations C1, C2, C3 & C4; 75% Initial prestressing).

fact that both bracing configurations have the same number and size of braces in the first
story and that ultimate strength is primarily governed by inelastic behavior of the braces In
that story.

Yielding of lengthening bracés began at a drift level of about 0.35% for all bracing
configurations, as shown in Fig. 6.7. In all cases, first yielding was observed for the braces
of the first story. The drift level corresponding to failure of splices in all columns of the first
story varied depending upon the bracing configuration considered. The most significant
change Is observed for bracing configuration C2, for which the drift corresponding to
column splice failure Is reduced with respect to that observed for the original building and
for the other bracing configurations. Notice, however, that the base shear coefficient
corresponding to failure of splices is almost the same for configurations Ct and C2. The
reason for this result is that the lateral stiffness of the second and third stories of bracing
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configuration C2 s larger than that of configuration C1 (see Fig. 6.4). Thus, for a given base
shear coefficient, the drift at the centroid of inertia forces is smaller. On the other hand, the
lateral stiffness and strength of the first story is the same for both bracing configurations,
and therefore the base shear and the first story drift (not shown in the figure) at failure of
splices is almost the same for both bracing configurations.

Overall, stiffness and strength of the braced structure is governed by the behavior
of the bracing system. Notice that failure of splices in columns has no appreciable effect
on the stiffness nor on the maximum strength of the structure.

Also shown in Fig. 6.7 are the base shear coefficients that would be required by
ATC-22 for the original and the braced buildings. The higher coefficient shown corresponds
to that of an Ordinary Moment Resisting Space Frame (OMRSF). The lower cosfficient
corresponds to a concentrically braced frame (CBF) with an intermediate moment resisting
frame (IMRSF) capable of resisting at least 25% of the lateral loads. Since lateral strength
of the building is governed by the bracing system rather than the failure of column splices,
semi-ductile elements were assumed to calculate the coefficient for a CBF with an IMRSF.
The building under study cannot be classified as an IMRSF because its reinforcing details
are those of an OMRSF (ATC-22 does not Include CBF with OMRSF). Also, the post-
tensloned bracing system cannot be classified as a concentrically brace frame because the
response modification factors embodied in the provisions of ATC-22 are Intended for brace
systems with structural steel sections. The latter bracing systems will, in general, higher
energy dissipation capabilities than a post-tensioned bracing systems. Thus, a lower lateral
load level can be allowed for concentrically braced frames. However, the required
resistance for a CBF and an IMRSF can be considered, for comparison, as a lower bound
for the required strength of a post-tensioned bracing system.

It is clear from Fig. 6.7 that all four bracing schemes meet the lower bound for
strength defined above. Notice that if yielding of the braces is considered as the lateral
resistance of the braced frame (as a possible design criterion in an elastic analyses
procedure), all schemes would supply the required strength by ATC-22. The implications
of these results are discussed later in Chapter VII.
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6.2.2.2 Dynamic Response Analysis

Dynamic Properties

Table 6.2 shows the fundamental periods of vibration for the original and braced
structures. Also shown in this table are the effective damping ratios corresponding to the
different types of soll conditions selected for study. For the buildings supported on soft
soils, the period lengthening ratio is larger for the braced buildings than for the original
structure. Consequently, the resulting effective damping ratio Is higher for the braced
buildings (see Fig. 3.15), particularly for bracing configuration C4. This behavior is a direct
result of the relative increase of the flexibility of the foundation medium with respect to that
of the super-structure. Also note that the dynamic characteristics of the buildings supported
on the clay deposits of Mexico City and those on the San Francisco Bay Mud - Case |l are
almost the same. The San Francisco Bay Mud - Case | is a stiffer soil type and has a
smaller hysteretic damping ratio (see Table 3.1), and thus the effective damping ratios for
case | are not as high as those for the other two types of soil.

Dynamic Response

The behavior of the braced structure subjected to all the selected earthquake
records s presented in this section. For clarity, however, the response of the braced
building on firm soll sites Is presented separately from that on soft solls.

Building R n n_Firm Soil Sit

Maximum inter-story drift ratios obtained for all four bracing configurations under the
ground motions on firm soil sites are shown in Figures 6.8 through 6.10. In these figures,
the maximum inter-story drifts are shown for the two levels of initial brace prestressing
considered for study; 50 and 75% of brace yield strength. The results show that in most
cases, the higher the initial brace prestressing, the lower the inter-story drift ratio, regardless
of the bracing configuration or the ground motion considered. This result confirms the fact
that early energy dissipation through yielding of braces leads, in general, to reduced overall
response of the structure. '

Notice that bracing configuration C1 shows, in general, very little improvement in
the response with respect to that observed for the original structure (see Fig. 6.2). In this
case, the increase in strength and ductility provided by the bracing system is offset by the
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Table 6.2 Dynamic properties of the original and braced buildings with post-
tensioned steel rods.

Fundamental Period {sec)
[Efective Damping]*
Soll Type
Buiding Rm Soft
Siity Clay San Francisco Bay Mud
Deposits (California)
iy Case | Case Il
Original 1.1 1.13 1.12 113
[20%]) [24%] [24%] [24%]
Config. C1 0.52 0.56 0.55 0.55
[20%]) [38%] [32%] [34%)
Config. C2 0.48 0.51 0.49 0.50
[20%] [44%] [38%] (43%]
Config. C3 0.44 0.49 0.47 048
[20% ] [46%] [39%] [45% ]
Config. C4 0.40 0.46 0.44 0.45
[20%] [56%] [40%] [56%]

* values are based on a h'/r ratio of 0.51 in accordance with the dimensions
of the foundations

increase in demands due to shortening of the fundamental period of vibration of the building
(see Fig. 4.26). Bracing configuration C2 does provide some improvement in the response
of the building, particularly for the Viiia del Mar record.

Bracing configuration C3 shows further improvement in limiting maximum inter-story
drift ratios, but it still exhibits drift ratios that are quite high In the second story for the
Corralitos record, as shown In Fig. 6.9. Configuration C4, reduces the response even more
and for braces with an Initial prestress of 75% of the yield strength, the maximum drift ratios
remain below 1% for all three records on firm soll.

The performance of reinforced concrete members and steel braces for the records
on firm soil sites Is discussed in detall later in this section.
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INTER - STORY DRIFT RATIO (%)

Figure 6.8 Maximum inter-story drift ratios for the braced building (bracing configurations
C1, C2, C3 & C4) subjected to the scaled E! Centro record.

4 0
INTER - STORY DRIFT RATIO (%)

Figure 6.9 Maximum inter-story drift ratios for the braced building (bracing configurations
C1, C2, C3 & C4) subjected to the Corralitos record.
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Figure 6.10 Maximum inter-story drift ratios for the braced building (bracing configurations
C1, C2, C3 & C4) subjected to the Viiia del Mar record.

Building R nse on Soft Sail Sit

Maximum inter-story drifts for the braced building are presented in Figs. 6.11 and
6.12. The values shown in these figures correspond to the maximum drifts obtained from
analyses of the bullding on a fixed or a flexible base, whichever was greater. For the Mexico
City - SCT1 record, the flexible base condition always yielded the maximum inter-story drifts,
as indicated in Fig. 6.11. For the Oakland record, a flexible foundation - soll case Il yielded
the maximum drifts for configurations C1, C2 and C3. Howaever, for bracing configuration
C4, the fixed-base condition yielded the largest inter-story drifts.

The results show a striking reduction in the response of the braced building (see
Figs. 6.3 and 6.12). For the Mexico City - SCT1 record, inter-story drifts are less than 0.25%
for all four bracing configurations. These resuits are very similar to those obtained for the
fixed-base condition. Splice failure is prevented In all columns and pull-out of bottom beam
reinforcement is observed in only a few beams with minimal inelastic behavior. Steel braces
remained within the elastic range regardless of the level of initial prestress provided,
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Figure 6.11 Maximum inter-story drit ratios for the braced building (bracing configurations
C1, C2, C3 & C4) subjected to the Mexico City - SCT1 record.
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Figure 6.12 Maximum inter-story drift ratios for the braced bullding (bracing configurations
C1, C2, C3 & C4) subjected to the Oakiand (OHW) record.
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for all bracing configurations. The use of a higher initial prestress level to dissipate energy
through yielding of braces at small drifts did not have any influence in the response of the
building in this case. It s clear, however, that initlal brace prestressing must be provided
to prevent the braces from becoming slack during the response of the building.

For the Oakland record, the response of the braced building is also significantly
reduced. However, maximum Inter-story drifts are In general larger than those observed for
the braced structure under the Mexico City - SCT1 record. The level of Initial brace
prestressing has an appreciable effect only for bracing configuration C4, and similar to the
results obtained for the braced structure on firm soll sites, a higher level of Initial
prestressing led to reduced Inter-story drifts. Behavior of reinforced concrete members and
steel braces vary with each bracing configuration, but their performance Is improved in every
case with respect to that of the original structure. Bracing configurations C3 and C4 with
an initial prestress of 75% of the yield strength provide the largest reductions in the inter-
story drifts.

Performance of Post-tensioned Bracing System

The results presented above for the braced structures on both firm and soft soll
conditions indicate that the post-tensioned bracing can be used to reduce the response and
improve the overall response of the three-story building under study. The effectiveness of
the system to improve the response of the building depends, of course, on the bracing
configuration. However, for the building under consideration, the post-tensioned bracing
system is more effective for structures supported on soft soll sites than for those supported
on firm sall sites.

Evaluation of the maximum Inter-story dirifts indicates that bracing configuration C4
with braces initially prestressed to 75% of their yield strength is the most effective for
reducing the response of the building on both firm and soft soll sites. Also, from all of the
earthquake records considered for study, the Corralitos record proved to impose the largest
demands of strength and ductility on the braced structures. Thus, the results obtained for
the braced building with bracing configuration C4 subjected to the Corralitos record were
selected to evaluate the performance of the reinforced concrete members and steel braces.
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Perfi n f Reinfor ncrete Mem

In Fig. 6.13, the profile of plastic hinges developed in the perimeter frames of the
original structure and those developed for the braced building with configuration C4 is
compared. For the original structure, hinges are shown for the three records on firm soil,
while for the braced building hinges are shown only for the Corralitos record. The amount
of inelastic rotation developed by the hinges Is indicated only for hinges developed at base
of the columns. The numbers shown represent the ratio between the maximum rotation
developed in the section and that of a splice failure. When failure is predicted for both
directions of bending, the amount of inelastic rotation is shown for both cases. A similar
comparison for the hinges developed in the members of interior frames is shown In Fig.
6.14.

The figures show a significant reduction in the inelastic behavior of the reinforced
concrete members when the structure is braced with configuration C4; both, the number of
hinges and the amount of inelastic rotation is reduced considerably. Splice fallure in the
columns of the perimeter frames is prevented in most cases or is just developing (or
controlled). In the interior frames, fallure of splices in first story columns is not prevented
but the amount of inelastic rotation Is reduced significantly, with only minor reductions in
strength and stiffness (see typical moment-rotation relation for columns in Fig. 5.15). Note
that for the braced structure failure of splices Is also induced in some of the columns of the
third story. Such a failure was not observed in any of the third story columns of the original
building. Nonetheless, spilce failure in these members is just developing in only a few
columns of the perimeter frames. In interior frames the reductions in strength associated
with the inelastic rotation are only about 20%.

Beam hinging Is considerably reduced as well. However, the bracing system is
unable to prevent the pull-out of the bottom beam reinforcement in most of the beams of
the first and second floor levels. Yielding of beams In "negative® bending was developed in
only a few sections.

Figure 6.15 shows the distribution of axial forces in columns and beams in the
perimeter (braced) frames of the bullding. The axial force distribution is presented as the
ratio between the maximum axial force developed in the member and the predicted capacity
in pure compression or tension. Beams were treated as columns plus an effective slab
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Original Building - Scaled El Centro
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o hings in only one direction of bending

o hinge in both directions of bending
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Figure 6.13 Hinge location for the perimeter frames of the original and braced building with
configuration C4. (Numbers indicate the ratio of inelastic rotation developed
at the base of columns)
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Original Building - Scaled El Centro
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Figure 8.14 Hinge location for the interior frames of the original and braced building with
configuration C4. (Numbers indicate the ratlo of inelastic rotation developed
at the base of columns)
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width as discussed in Chapter lil. As can be seen, axial forces in columns are primarily
compressive forces, except for the exterior columns of the first story. The magnitude of
these tension forces is significant and approach the maximum capacity of the columns in
pure tension ( = 211 kips). Clearly, tension forces are detrimental to the flexural capacity
of the column members and will reduce the moment capacity associated with failure of
splices. Similarly, the compression forces in some of the interior columns in the first story
exceed the load at balanced strain conditions but remain below the capacity in axial
compression. Notice, however, that maximum compressive forces during earthquake
response do not differ significantly from the forces obtained upon initial brace prestressing
(see Fig. 6.6).

Figure 6.15 Distribution of maximum axial forces in perimeter frames of the braced building
with configuration C4 subjected to the Corralitos record. (Axial force is shown
as a fraction of the member capacity in pure compression or tension)

For beams, axial forces are mostly compressive forces, although some minor
tension forces are observed for beams of exterior bays in the second and third stories.
Maximum compressive force Is observed for the first floor beam in the middle bay,
approaching 72% of the beam capacity in pure compression. The level of axial forces in the
rest of the beams remained within 50% of the compression capacity.
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To help resist axial forces in the members, particulary tension forces, and to
guarantee the effectiveness of the bracing system, it is likely that steel collector members
will have to be provided along the length of the members. For the exterior columns,
collector members need to be designed to resist the full magnitude of the tension forces.
On the other hand, collector members to resist compression forces need to be designed to
resist only a fraction of these forces to augment the compression capacity of the existing
members. A detailed design of collector members is beyond the scope of the present study,
however, the magnitude of the axial forces obtained for the braced structure is such that the
design of collector members Is feasible and relatively simple.

The addition of steel collectors to existing frame members may require a re-
evaluation of the bracing scheme due to the changes in the relative stiffness of members in
the structure. However, because the stiffness provided by the bracing system, will generally
be much larger than that of the frame with strengthened elements, significant changes in the
dynamic response (strength demands) are not anticipated. Therefore, the performance of
the braced structure with strengthened elements is expected to be similar or better.

It should be reiterated that response obtained for bracing configuration C4 with the
Corralitos record is the most critical case. The performance of the reinforced concrete
members for the rest of the earthquake records considered in this study is even better than
that presented above.

Petf n teel R

All braces reached yielding but none of them lost their Initial prestress force.
However, a few braces became slack during the response of the braced bullding, as shown
in Fig. 6.16. Braces that became slack were on the second and third story of the building.
First story braces yielded but never became slack. Maximum elongation of the braces
approach 0.8% and correspond to about 1.4 times the yield displacement. This value for
the elongation is below the 1.1% value at onset of strain hardening for steel rods, and
therefore the elasto-plastic model assumed for the braces remains valid. The performance
of the braces Is satisfactory and consistent with the design criteria established in Chapter
V for the post-tensioned bracing system.
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O Brace reached ylelding (never became slack)

@ Brace reached yieiding and became slack

Figure 6.16 Braces that yielded and/or became slack during the response for the
Corralitos record.

6.2.2.3 Summary

Four bracing configurations were studied. Each bracing configuration was designed
to provide a distinct level of stiffness and lateral strength to the building. For the building
on firm soil sites, all four bracing configurations improved the response of the building with
respect to that observed for the original structure. Two of them can be considered to
provide an adequate safety level against collapse (bracing configurations C3 and C4 with
initial brace prestressing of 75% of thelr yield strength). However, only configuration C4 was
considered to provide adequate protection to prevent severe damage of the existing
reinforcing members (inter-story drifts of less than 1%, elimination of failure of splices in
many columns and significant reduction of inelastic behavior in the reinforced concrete
members).

For the buildings supported on soft soil sites, all four bracing configurations
provided an adequate safety level against collapse and severe damage to the building.
Furthermore, the resuits suggést that a smaller amount of bracing could be provided to the
building without jeopardizing the level of safety against collapse.

An initial level of prestress of 75% of the brace yield strength proved to be the most
effective in reducing the dynamic response of the building in all cases.
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* 6.2.3 Refrofit Scheme Il - X-Bracing (Structural Steel Braces)

Two bracing configurations were selected for evaluating the response of the
structure, as shown in Fig. 6.17. Braces consisted of double angle sections and were
selected to meet the slendermess requirements for seismic zones (KL/r < 720/\/77 ) of the
Load and Resistance Factor Design manual (LRFD) “5. The slendemess ratio of braces
varied from 82 (for 2L - 6 x 6 x 3/8) to 98 (for 2L - 5 x 5 x 5/16) for out-of-plane buckling,
which governed the design of the braces. Yield strength of braces was 50 ksi in all cases.

2L-5x5x 84

2L-6x6x3%

Figure 6.17 Bracing configurations for concentrically braced building with structural steel
braces. (perimeter frames only)

6.2.3.1 Lateral Stiffness and Strength

In Fig 6.18, the relationships for the base shear coefficient and the drift at the
centroid of inertia forces for the original and braced structures are compared. Also shown
in this figure is the relationship for the post-tensioned bracing system obtained for
configuration C4 (braces initially prestressed to 75% of the yleld strength). As above, these
relationships have been obtained using a uniform lateral load distribution over the height of
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Figure 6.18 Base shear coefficlent and drift at centroid of inertia force relationship for the
three-story building. Original and braced structure with double angle sections
(DAt & DA2) and with post-tensioned rods (C4).

the building.

The increase in lateral stiffness and strength for configurations DA1 and DA2 is
considerable. Notice that configuration DA1 was designed to provide the same Initial
stiffness as that of configuration C4. Such a design approach provides a basis of
comparison of the energy dissipation capabilities of the two bracing systems without
including the changes in strength demands due to different periods of vibration of the
buildings (it Is assumed that the dynamic response is governed primarily by the initial
fundamental period of vibration of the structure). Because of the lower yield strength of the
double angle sections, the ultimate strength of bracing configuration DA1 Is much smaller
than that of configuration C4. Bracing configuration DA2 provides higher initial stiffness to
the building, but lower strength than configuration C4.
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As shown in Fig. 6.18, buckling of double angle sections is predicted at a drift level
of about 0.2% for both configurations DA1 and DA2. Reductions in stiffness due to buckling
of braces are more pronounced for configuration DA1 than for configuration DA2. Yielding
of braces in tension is observed at a about 0.48% for configuration DA1, while for
configuration DA2 yilelding of braces is predicted at about 0.36%. For both bracing
configurations, buckling and yielding of braces initiated in the first story braces. Ultimate
strength of the bullding is reached soon after ylelding of braces in the first story for both
configurations DA1 and DA2,

Also shown in Fig. 6.18 Is the dirift level that would cause fallure of splices In all
columns of the first story. As can be seen, ylelding of first story braces preceded failure of
column splices for both configurations DA1 and DA2; however, splice fallure occurs soon
after yielding of braces. As described above for the post-tensioned bracing system
(configurations C1 and C2), the difference in drift level corresponding to the failure of
column splices between DA1 and DA2 is merely a result of the different lateral stiffness and
strength distribution of the two bracing configurations. The first story drift corresponding
to failure of splices Is similar with both bracing configurations.

The base shear coefficient required by the provisions of the ATC-22 for the
evaluation of building structures is presented in Fig. 6.18. For comparison, two base shear
coefficlent levels are shown in this figure. The higher coefficient corresponds to that
required for an ordinary moment resisting space frame (OMRSF) with brittle elements. The
lower coefficient represents the strength required for a concentrically braced frame (CBF)
and an intermediate moment frame (IMRSF) capable of resisting at least 25% of the lateral
loads (semi-ductile elements were assumed to compute the coefficient because the stiffness
and strength of the braced structure is governed by the bracing system). As noted earlier,
the frame building under study cannot be classified as an IMRSF because its reinforcing
characteristics are those of an OMRSF. However, it is reasonable to assume that the
required strength for a CBF with an IMRSF Is a lower bound for the lateral resistance of a
CBF with an OMRSF.

The figure shows that the lateral resistance corresponding to yielding of braces for
both bracing configurations DA1 and DA2 exceeds that required by the ATC-22 for a CBF
with an IMRSF. Furthermore, the load cotresponding to buckling of the braces Is also
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higher than that required by the ATC - 22, for both schemes. Implications of these results
are discussed later in Chapter VII.

6.2.3.2 Dynamic Response Analysis

Dynamic Properties

The fundamental periods of the original and braced buildings with double angle
braces are shown in Table 6.3. Also shown in this table are the effective damping ratios
corresponding to the different types of foundation material selected for study. As expected,
the period of vibration of the braced buildings is significantly reduced with respect to that
of the original building, particularly for configuration DA2. For the building on soft soll sites,
the resulting period lengthening ratio is significantly higher for the braced building than for
the original structure. Consequently, the foundation damping factor & o (see Fig. 3.15) is
considerably higher for the braced structure which results in high effective damping values
for the sail-structure interaction system, as shown in Table 6.3.

Since the results obtained for the buildings with the post-tensioned bracing system
on the San Francisco Bay Mud for cases | and Il showed no significant differences in the
response of the building, it was decided to base the evaluation of the concentric bracing
system on only one of the two cases. For this purpose, case Il was arbitrarily selected for
study, as shown in Table 6.3.

Dynamic Response

As for the post-tensioned bracing system, the response of the building is first
presented In terms of the maximum Inter-story drift ratios for each one of the earthquake
records, followed by a detailed examination of the performance of the members for the most
critical condition. Maximum inter-story drifts obtained for the braced building, configurations
DAt and DA2, are presented in Figs. 6.19 and 6.20 for the records on firm and soft soils
respectively. For the building on firm soll sites (Fig. 6.19), configuration DA2 effectively limits
the response and inter-story drifts in the building, and provides an adequate safety level
against collapse for all three earthquake records. Configuration DA1 Is not as effective as
configuration DA2, and for the Corralitos record, the buliding reaches high inter-story drifts
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Table 6.3 Dynamic properties of the original and braced buildings with
double angle sections.

Fundamental Period (sec)
[Effective Damping]*
Soil Type
Buiding Am Soft
Silty Clay Deposits | San Francisco Bay Mud
(Mexdco City) (California)
Case i
Original in 1.13 1.13
[20%] [24%] [24%]
Config. DA1 0.40 0.46 045
[20%]) [55%] [58%]
Config. DA2 0.30 0.38 037
[20%}] [98%] [99%]

* values are based on h* / r ratios of 0.51 in accordance with the dimensions of the

foundation.
that jeopardize the integrity of the building. Nonetheless, the overall response of the braced
building is reduced with respect to that of the original building in all cases.

For the building on soft soll sites, the response of the building is appreciably
reduced with both bracing configurations. Inter-story drifts for the Mexico City - SCT1
record are very small (less than 0.2%); the dynamic response of the braced structure is
minimal. For the Oakland record, inter-story drifts are slightly larger than those obtained for
the Mexico City -SCT1 record, but considerably smaller than those obtained for the original
building. The results presented in Fig. 6.20 inciude the soll-structure interaction effects and
because of the high effective damping obtained for the soil-structure system (Table 6.3),
such a reduced response could have been anticipated. Nonetheless, additional analysis of
the braced building on a fixed-base condition with an overall damping of 2% showed similar
results. Indeed, the fixed-base condition analyses showed higher inter-story drifts for the
Oakland record (about 15% higher), but did not alter the resuits presented above.
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Figure 6.19  Maximum Inter-story drift ratios for the braced building (bracing
configurations DA1 & DA2) subjected to the records on firm soil sites
(scaled El Centro, Corralitos & Viia del Mar).
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Figure 6.20  Maximum inter-story drift ratlos for the braced buiding (bracing
configurations DA1 & DA2) subjected to the records on soft soli (Mexico
City - SCT1 & Oaldand (OHW)).
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Performance of X-Bracing System

The results indicate that the X-bracing can effectively reduce the response and
improve the overall performance of the building under study. Similar to the results obtained
for the post-tensioned bracing system, the X-bracing system Is more effective for structures
supported on soft soil sites than for those supported on firm soll conditions. Bracing
configuration DA2, which has a larger number of braced bays and stronger braces, exhibited
a better performance than configuration DA1.

To evaluate the performance of these two bracing configurations, a comparison of
the behavior of the reinforced concrete members and stee! braces is presented. Similar to
the results obtained for the post-tensioned bracing scheme, the Corralitos record Imposes
the largest demands on the braced structures. Therefore, the evaluation of members will
concentrate primarily on the resuits obtained for the Corralitos record. )

Perfi n f Reinfor ncrete Mem

A comparison of the number of plastic hinges developed in the perimeter and
interior frames for configurations DA1 and DA2 Is presented in Figure 6.21. The amount of
inelastic rotation following a spiice failure at the base of the columns is also shown in this
figure. For configuration DA1, failure of splices Is observed only in the second floor for the
perimeter frames and, on the first and second storles for the Interior frames. Beam hinging
and particularly pull-out of bottom reinforcement is observed in many beams. While the
number of plastic hinges in both perimeter and interior frames is reduced with respect to
that obtained for the original building (see Figs. 6.13 and 6.14), the reductions in strength
and stiffness associated with the inelastic rotation at the base of columns in the second
story is still significant (see Figs. 5.15 and 6.21). This result suggests that local collapse of
the second story Is probable and therefore configuration DA1 does not provide an adequate
safety level against collapse for the Corralitos record.

The behavior of reinforced concrete members with bracing configuration DA2 is
significantly improved with respect to that with bracing configuration DA1. Column and
beam hinging Is practically eliminated in the perimeter frames. Failure of splices in columns
Is not prevented in the interior frames, but the amount of inelastic rotation, and thus the
reduction In strength and stiffness (see Fig. 5.15), at the base of these columns is minimal.
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Figure 6.21  Hinge location for perimeter and interior frames of the braced building with
configurations DA1 & DA2. (Numbers indicate the ratio of inelastic rotation
developed at the base of columns)
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Beam hinging is almost non existent, as shown in Fig. 6.21.

The response of reinforced concrete members with configuration DA2 Is improved
with respect to that of configuration C4 (see Fig. 6.13 and 6.14). Bracing configuration DA2
is more effective in reducing hinging in beams, the number of hinges and amount of inelastic
rotation in columns. However, both bracing configurations (DA2 and C4) are considered to
provide adequate protection against severe damage In the reinforced concrete members.
On the other hand, the behavior of reinforced concrete members with configuration C4 is
better than that observed with configuration DA1. Considering that both systems, DA1 and
C4, have the same initlal stiffness (fundamental period), it is clear that the higher strength
and the larger stiffness in the non-linear range of configuration C4 (see Fig. 6.18) are crucial
for the better response of the building. Bracing configuration DA1 fails to protect the
structure from severe damage and, perhaps, partial collapse, despite the higher energy
dissipation characteristics of the structural steel bracing system.

The axial force distribution in columns is presented in Fig. 6.22 for both bracing
configurations. The figure shows the maximum axial force developed in the members as a
fraction of their corresponding capacity in pure compression or tension. It can be seen that
significant tension forces are developed In the first and second story columns for both
bracing configurations. Moreover, the estimated capacity in pure tension Is exceeded in all
the columns In the first story. Compression capacity was never exceeded, but maximum
compression forces reached up to 65% of the estimated capacity. Note that the axial forces
developed in columns with configuration C4 with post-tensioned rods (see Fig. 6.15) were
smaller than those obtained in the present case, particularly tension forces. In addition, only
two columns showed tension for configuration C4. This result Is primarily attributed to the
bracing configuration adopted for C4 and the initlal pre-compression induced in columns
due to initial prestressing of the rods.

Compressive axial forces in beams remained well below the compression capacity
of these members for both bracing configurations, DA1 and DA2. Maximum compressive
forces reached only 20% of the capacity in pure compression. However, axial tension
exceeded the tension capacity in most of the first and second floor beams (computation of
the tension capacity in beams neglected the possible contribution of the reinforcement of
the slab).
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Figure 622  Axial force distribution In the perimeter frames of the braced bullding with
bracing configurations DA1 & DA2. (Axial force is shown as fraction of the
corresponding capacity of the member in pure compression or tension)

These results indicate that most Interior columns and most beams of the first and
second floor levels of both configurations must be strengthened to carry these high axial
tenslon and compressive forces. High tensile forces in columns are particularly undesirable
because they will expedite the failure of splices in columns. The addition of collectors
members is crucial for the success of the X-bracing scheme as a retrofit scheme. As noted
earlier for the post-tensioned bracing system, the addition of collector members may require
are-evaluation of the bracing scheme due to the changes in stiffness and thus in earthquake
demands. However, because the stiffness provided by the bracing system is generally much
larger than that provided by the addition of collector members, significant changes in
earthquake demands are not anticipated.
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Brace yielding and buckling in configurations DA1 and DA2 for the Corralitos record
are presented in Fig. 6.23. As can be seen, brace buckling was observed in all braces for
both bracing configurations. For bracing configuration DA1, yielding was observed in all but
the third story braces. Maximum elongations in tension and compression occurred for the
second story braces; a resuit that is consistent with the maximum Inter-story drifts obtained
in Fig. 6.19 for the Corralitos record. For bracing configuration DA2, only first story braces
reached yielding.

o Brace yielded and buckled
o Brace only buckled

Figure 6.23  Yielding and buckling of braces of configurations DA1 and DA2 when
subjected to the Corralitos record.

Typical hysteretic behavior of braces for these two bracing configurations is
presented in Fig.6.24. In this figure, axial forces are shown as a fraction of the tensile yield
strength. Similarly, elongations are shown as a fraction of that corresponding to yielding of
the braces. The braces shown correspond to those that developed the maximum
elongations in tension.
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Figure 6.24  Typical hysteretic behavior of most stressed braces of configurations DA1
and DA2 for the braced buildings subjected to the Corralitos record.

For the brace in configuration DA1, inelastic excursions are extensive, particularly
when the member buckies. However, for the brace in configuration DA2 inelastic excursions
in compression are significantly smaller. The extension of inelastic excursions In tension are
similar for both braces. Notice that for both braces shown, the members reach the yield
load only once during the entire loading history. Buckling, however, is observed several
times during the entire response of the building. Also note that both members reach their
residual buckling capacity (P, in Fig. 3.13), and that the reductlons In strength relative to
their corresponding initial buckling capacity is similar. Nonetheless, the loading paths to
achieve the residual buckiing capacity are totally different. The brace in configuration DA1
shows a sudden and extensive reduction of the buckling capacity in almost one cycle; the
brace in configuration DA2 shows a gradual reduction of its buckling capacity through
several small extensions in compression. As a result, stifiness degradation of braces is
much smaller for the braces in configuration DA2, which led to smaller lateral displacements
and consequently to a better performance of the reinforced concrete members.
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6.2.3.3 Summary

Two bracing configurations were considered for study as retrofit schemes for the
three-story building. The configurations were designed to provide two different levels of
lateral strength and initlal stiffness. For the purpose of comparison, one of the bracing
configurations was designed to provide the same initial stiffness as that of bracing
configuration C4 with post-tensioned steel rods.

For structures supported on soft solls, both bracing configurations provided an
adequate safety level against collapse. Further, the expected level of damage In these
instances is minimal. For structures supported on firm soils, only one bracing configuration,
configuration DAé, provided adequate protection against severe damage and against
collapse. The effectiveness of bracing configuration DA2 to protect the Integrity of the
reinforced concrete members was found to be similar to that provided by bracing
configuration C4 with post-tensionec rods. Bracing configuration DA1, showed excessive
damage at the second story level which jeopardized the overall integrity of the structure.

6.2.4 Retrofit Scheme [l - Structural Wall

The third retrofit scheme consisted of the addition of a structural wall (shear wall)
to the central bay of the perimeter frames, as shown In Fig. 6.25. Typical dimensions and
reinforcing details of the selected structural wall are also presented in this figure. The design
consists of an 8 in. thick eccentric reinforced concrete wall connected to the existing frame
by a concrete jacket around the existing columns. The eccentric wall design was preferred
to an infill panel, mainly to reduce the shear transfer problems that are encountered at the
beam - infill wall interface (see Chapter II). In addition, eccentric walls are easier to erect
and provide less disruption to the function of the building during retrofit operations. Also,
an eccentric wall was particularly attractive in this case because spandrel beams leave
enough space to build the wall on the outside of the frame, flush with the exterior face of
columns, as shown in Fig. 6.25.

The column jacket consisted of four # 8 reinforcing bars, the addition of new #4
ties spaced at 4 In., and a 5 in. concrete cover, as shown In Fig. 6.25. Column jacketing
was provided to prevent the fallure of splices in these members and to allow columns to act
as boundary elements for the wall 6, Flexural reinforcement in the web consisted of #6



194

STRUCTURAL WALL

Existing Beam

2g" 14"
1'
#4@4/ = v ¥ v ¥ \\V// v 8. gap
28"
#8@ 12" #6@12"
’ 144" T
SECTION A-A

Figure 6.25  Cross section dimensions and reinforcing details of structural wall for the
three-story building.

reinforcing bars spaced at 12 in. Shear reinforcement consisted of one curtain # 8 bars
spaced at 12 in. as well. Design of the horizontal reinforcement followed capacity design
principles to avoid a shear failure prior to developing the flexural capacity of the wall.

6.2.4.1 Lateral Stiffness and Strength

A comparison of the relationships for the base shear coefficlent and the drift at the
centroid of inertia forces for the original and braced building Is presented in Fig. 6.26. The
relationships have been obtained using a uniform lateral distribution over the height of the
building. Also shown in this figure are the relationships obtained for the post-tensioned
bracing system with configuration C4 (75% of initial prestress) and for the X-bracing system
with configuration DA2,

It is clear from this figure that the structural wall increases the Initial stiffness of the
building substantially and provides the largest increase in stiffness of the three bracing
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Figure 6.26  Base shear coefficlent and drift at centroid of Inertia forces relationship for
the original and braced structure with a structural wall, with post-tensioned
rods C4 and with double angle sections DA2.

schemes shown. However, the increase In ultimate strength of the wall - frame system is
not as a high as the other two bracing systems. Yielding of the wall n flexure Is predicted
at a base shear coefficient of about 0.46 and a drift of about 0.08%. A sharp decrease in
the lateral stiffness of the building Is observed after yielding of the wall as shown Fig. 6.26.
Failure of the wall is predicted at a drift of about 0.6% by fracture of the longitudinal
reinforcement in the boundary elements. Note that the wall fails in flexure prior to the failure
of any of the columns splices, probably because of the high initial stiffness and the change
In the deflected shape of the structure introduced by the addition of the structural wall.

For comparison, the base shear coefficient required by ATC-22 for a dual system
consisting of a intermediate moment resisting space frame (IMRSF) capable of resisting at
least 25% of the lateral forces and a reinforced concrete structural (shear) wall Is shown in
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* Fig. 6.26. Because the structural wall Is expected to behave in a ductile manner, response
coefficients for semi-ductile elements were adopted to compute the coefficient, even though
the existing frame is a OMRSF. Also shown In the figure is the required strength for an
OMRSF. The building under study does not satisfy the requirement of a IMRSF (ATC-22
does not consider a wall with an OMRSF); howaever, it is reasonable to assume that the
coefficient for a structural wall with an OMRSF should be at least that of a wall with an
IMRSF. The figure shows that both yielding and ultimate strength of the wall are much
higher than what it would be required by the ATC-22.

6.2.3.2 Dynamic Response Analysis
Dynamic Properties

The fundamental period of vibration for the original and the braced structure are
presented in Table 6.4 for firm and soft soil conditions. The values for the fundamental
period of the wall - frame system cotrespond to uncracked properties of the wall, except for
the building on firm soil conditions, where values are shown for both uncracked and cracked
properties of the wall. As discussed in Chapter Ill, flexural stiffness of wall elements was
determined on the basis of the maximum level of moment attained during a given seismic
event. For the buildings supported on soft sail sites, the behavior of the wall was found to
be within the elastic range (uncracked stage). Howaever, for the buildings supported on firm
soils, cracking and yielding were observed at the base of the wall (cracked stage).

The reductions in the fundamental period of vibration of the structure are apparent.
This result was expected because of the large initlal stiffness provided by the wall, despite
the addition of mass due to the self-weight the wall (wall increased total mass of building by
only 4%). Notice the significant Increase in the period of vibration due to cracking of the
wall (= 67% increase) for the wall - frame system on firm soil. A similar increase in periods
obtained when soil-structure interaction effects are included. Because of the large increase
in the period lengthening ratio (T / T = 1.8 for both soft sall types), effective damping values
are unusually high.
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Table 6.4 Dynamic properties of the original and braced bulldings with a

structural wall.
Fundamental Period (sec)
[Effective Damping]*
Soil Type
Building Frm Soft
Siity Clay Deposits | San Francisco Bay Mud
(Mexico City) (California)
Cass i
Original 1.1 1.13 113
[20%] [24%] [24%]
Structural Wall 0.15 0.25) t 0.27 0.26
(20%] [25%] [24%}]

*values are based ona h* /r ratio of 0.51 in accordance with the dimensions of the foundations
t value in parenthesis comresponds to cracked wall at the base.

Dynamic Response

Maximum inter-story drifts obtained for the wall - frame system for the records on
firm soil sites is presented in Fig. 6.27. As can be seen, the response Is significantly
reduced with respect to that observed for the original building, particularly for the scaled El
Centro and Viiia del Mar records. Further, the dynamic response of the wall -frame building
for the scaled El Centro and Viiia del Mar records is minimal. For the Corralitos record,
maximum inter-story drifts approach only 0.5%. The latter drift values are smaller to those
obtained for the post-tensioned bracing (configuration C4) and for the X-bracing
(configuration DA2) systems (see Figs. 6.9 and 6.19 respectively).

The response of the wall - frame system for the records on soft soils was in both
cases minimal with maximum inter-story drifts of about 0.03%. This result is in part
attributed to the high damping ratio of the soll - structure system shown in Table 6.4.
However, further analyses based on a fixed-base condition with 2% damping revealed similar
or smaller lateral displacements. The lateral strength provided by the wall scheme is
excessive and uneconomical for the retrofit of the building supported on soft soils. A
smaller wall size or the addition of wing walls to existing columns instead of a full bay wall
are more economical wall schemes that can be used for the building on soft soil sites.
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Figure 8.27  Maximum inter-story drift ratios for the wall - frame building subjected to the
records on firm soil sites (scaled El Centro, Corralitos & Viiia del Mar).

Performance of Structural Wall System

The effectiveness of the structural wall system to reduce the response of the building
on both firm and soft soils Is apparent. Similar to the resuits obtained for the post-tensioned
and concentric bracing schemes, the Corralitos record produces the largest demands on
the building in terms of member forces and inelastic behavior. Thus, evaluation of member
performance is based primarily on the results obtained for the Corralitos record.

Performance of Reinforced Concrete Members

Fig. 6.28 shows the profile of plastic hinges generated in the members of the
perimeter frames during the response to the Corralitos record. The amount of inelastic
rotation experienced at the base of the wall is also shown in this figure. As can be seen,
column hinging, and most important failure of splices is completely eliminated in the
perimeter frames. Beam hinging is almost non-existent as well, except for the hinges
developed in the beams adjacent to the wall. These hinges in the beams correspond to pull-
out of the bottom reinforcement. Yielding of beams in “negative” bending was not observed.
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Figure 6.28  Hinge location for perimeter frames of the wall - frame system (Numbers
indicate the ratlo of inelastic rotation developed at the base of the wall)

For interior frames, column and beam hinging was non-existent.

The analyses predict the flexural yielding of the reinforcement at the base of the wall
for the Corralitos record, as shown in Fig. 6.29. The plastic hinge extends for about 60%
of the first story and wall cracking is observed up to the second story level. Maximum hinge
rotation (or rotational ductility demand) at the base of the wall is significant (= 6.4) but It is
well below the rotation ductility capacity at ultimate (= 15). Shear forces in the hinging
region are quite high, approaching 87% of the estimated shear capacity of the wall. Web
shear stresses in the hinge region are also high, but they are low enough to prevent
crushing of the web due to large diagonal compressive forces (about 85% of the maximum
recommended values for hinging reglons 7).

The performance of the wall - frame structure for the rest of the records on firm soils
was even better. For the scaled El Centro record, the wall reaches ylelding at the base, but
the rotation ductility demands (i 4 = 3.7) are smaller than those for the Corralitos record.
Column splice failure and pull-out of bottom beam reinforcement Is prevented in every
member in the structure. For the Viiia del Mar record, the dynamic response of the building
is minimal (see Fig. 6.27). Frame members show no inelastic behavior. The wall reaches
flexural cracking at the base, but it never reaches flexural yielding.
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* 6.2.4.3 Summary

The addition of a structural wall to the perimeter frames was studied as a retrofit
scheme for the three-story building. The analyses showed that for the building on firm soil
conditions, the structural wall system proved to be very effective in all cases, providing an
adequate level of protection against collapse. Expected damage to the existing frame
members is minimal. For the bullding on soft soll sites, the response of the building is
minimal, and behavior of members Is primarily in the elastic range. Moreover, the design
of the wall was found to be too conservative when compared to the demands of strength
and ductility imposed by the records on soft soll sites. Wall dimensions and reinforcement
can be significantly reduced for the building on soft soil sites without jeopardizing the
integrity of the wall - frame system.
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6.3 PROTOTYPE STRUCTURE Ii - TWELVE STORY BUILDING

Analyses of the original and retrofitted buildings were conducted only in the
transverse direction of the building. However, because of the similar properties and
behavioral characteristics of the structure in both directions, the results and conclusions
obtained of the retrofit systems are believed to be applicable for the longitudinal direction
as well.

6.3.1 Original Building

6.3.1.1 Dynamic Response Analysis

Reinforcing details and lateral stiffness and strength characteristics of the original
building were presented in detail in section 4.3. In Table 6.5, the fundamental periods of
vibration and the effective damping ratios of the building corresponding to the different types
of soil conditions selected for study are presented. For firm soil conditions, effective
damping was selected as 2% of critical in all cases as indicated in Chapter lil. For soft soil
conditions, effective damping of the soil-structure system was determined using the
procedure outlined in section 3.3.

Table 6.5 Dynamic properties of Twelve-Story building (short direction).

Fundamental Pedod (s:c)
[Effective Damping]
Soil Type

Building Fm Soft

Silty Clay San Francisco Bay Mud

Deposits (Califomia)

) Case I II
Original 3.52 3.63 3.60
[20%] [23%] [26%]

* values were based on a h'/r ratio of 1.57 in accordance with the dimensions
of the foundation.

From Table 6.5, it can be seen that the period of vibration for the building is
unusually long for a twelve story structure. There are two main factors that contribute to the
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long fundamental period of the building. First, the building has an unusual first story height
that is almost twice that of the upper stories (see Fig. 4.10). Second, the periods shown in
Table 6.5 were obtained using cracked properties for the reinforced concrete elements. (For
a similar building with a first story of the same height as that of the upper stories the
fundamental period would be reduced to 3 secs. In addition, if gross properties are used
for the reinforced concrete elements in the calculations, the fixed-base fundamental period
of the building would only be 1.9 secs).

The lengthening in the period of the bullding on soft soll sites is minimal (f/T = 1.03
for Mexico City). Consequently, effective damping ratlos for the bullding on soft soil sites
and those on firm soil sites show little difference. Also note that for the structure supported
on the San Francisco bay mud, only one case (Case ll) is presented for study. The results
presented here corresponds to the most unfavorable situation, and differ little from the
results obtained for the structure supported on soil Case | (see Table 3.1) or on a fixed-base.

Dynamic Response
Building Response on Firm Soil Sit

In Fig. 6.29, the time history response of the original building for the scaled El
Centro and the Corralitos records on firm soils Is presented. Also shown in this figure are
the maximum inter-story drifts obtained for all three earthquake records measured on firm
soll sites. For the two Californian records (scaled El Centro and Corralitos), local collapse
of the second story is anticipated due to shear failure of all the columns in that story.
Failure of second story columns In shear leaves the building with no lateral stiffness at that
story level. Because inertia forces continue o act on the upper stories after shear failure
of the columns, lateral displacements in the second story increase without restraint until the
upper structure becomes unstable and collapses on top of the first story (behavior of the
structure is similar to that of a cantilever beam with a hinge at the base).

For the Viia del Mar record, the response of the building Is quite different from that
to the Californian records. Maximum inter-story drifts occurred In the tenth and eleventh
story and reached only 1.4%. The lateral deformations in the tenth and eleventh storles are
due exclusively to the shear failure of the short spandrel beams. In the first floor, the short
spandrel beams also fail in shear and the long spandrels show anchorage failure of the
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Figure 6.29 Time - history response and maximum Inter-story drift ratios of original
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Corralitos and Vifia del Mar)
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bottom reinforcement. However, column shear failure is not observed for the Vifia del Mar
record, probably because of the premature failure of the short spandrels in the tenth floor
which modify the subsequent response of the building. Failure of spandrel beams and the
maximum inter-story drift obtained for the Vifa del Mar record do not jeopardize the
integrity nor the stability of the building. Collapse of the building is not anticipated in this

case.

Building R n. n Soft Soil Sit

The maximum inter-story drifts ratios obtained for the original structure subjected
to the two records on soft soil conditions are presented in Fig. 6.30. The drift values shown
take due account of the lateral displacement and rocking motion of the foundation and
correspond to the actual inter-story drift experienced by the building (A in Fig. 3.14).
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Figure 6.30 Maximum inter-story drift ratios for the original building subjected to the
ground motion on soft soil sites. (Mexico City - SCT1 and Oakland)
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Nevertheless, rocking motion of the foundation had only a minor influence in the overall
lateral displacement of the building, and in general soil structure interaction effects had a
minimal effect on the response of the original building (overall results obtained for the
building on a fixed-base were simiiar).

It is clear from Fig. 6.30 that the original bullding would not have survived the
Mexico City - SCT1 record. Similar to the behavior of the building for the records measured
on firm soil sites, collapse of the second story is anticipated due to shear failure of all
columns in that floor. Maximum displacements and story drifts in the second floor after the
failure of the columns in shear far exceed 4% and would clearly lead to the collapse of the
building.

Overall response of the building to the Oakland record Is similar to that to the Viiia
del Mar record. Maximum inter-story drifts occur in the tenth and eleventh stories and are
due to the failure of the short spandrels in those floor levels. The short spandrels In the first
story fail in shear and anchorage fallure of bottom reinforcement in the long spandrels is
anticipated. Column shear failure Is not observed, but moderate damage in the spandrels
is expected. Collapse of the building is not anticipated for the Oakland record.

6.3.1.2 Summary

The behavior exhibited by the original building for some of the earthquake records
on firm and scft soils s inadequaie. For the buiiding supported on firm soll sites, total
collapse of the structure Is anticipated for the scaled El Centro and the Corralitos record.
For the Viiia del Mar record, moderate damage in the spandrels Is anticipated, but that does
not jeopardize the overall integrity and stability of the building.

For the buildings on soft sails, collapse of the building is predicted only for the
Mexico City - SCT1 record. For the Oakland record, the response is similar to that observed
for the Viia del Mar record with moderate damage in spandrel beams of perimeter frames.

6.3.2 Retrofit Scheme | - Post-Tensioned Bracing Systems

Evaluation of the post-tensioned bracing system considered several different bracing
configuration patterns and size of braces. Fig. 6.31 shows some of the configuration
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patterns considered for study. In all configurations, brace size was selected so that story
stiffness and strength was either uniform or gradually reduced with the height of the building.
Each bracing scheme was designed to provide distinct levels of stiffness and strength.

Bracing configurations C1 through C3 failed to protect the bullding against collapse
for most of the records on firm and soft soil sites, even with the largest brace size that could
be anchored at an economic cost and from a practical viewpoint (maximum brace size was
based on the maximum brace force that was feasible to transfer to the existing building).
When a uniform brace size was provided throughout of the height of the building, the mode
of failure of the building was the same as that of the original structure; i.e. shear failure of
second story columns followed by large lateral deformations and instability of the story. On
the other hand, when brace size was gradually reduced with height, column shear failure
was, in general, shifted to the upper stories. With bracing configuration C2, column shear
failure always resulted in large deformations of the unbraced floors and in the subsequent
collapse of the building.

Bracing configuration C4, on the other hand, proved to protect the building from
collapse for the records on firm soil and is treated In more detail In this section. Table 6.6
shows two alternate sizes and distributions of braces with height used with configuration C4,
which represent two possible retrofit schemes for the bullding, C4A and C4B. Note that the
brace size in the first and the second stories is the same for both configurations. The size

‘Table 6.6 Size and distribution of braces for schemes C4A and C4B.

. Brace Size
Story Level [Aea (n?) ]
CaA ' c48
3" 4o Root 2-13/8" ¢ rods 3-13/8" ¢ rods
[3.16] [474]
ond 3-13/8" ¢ rods 3-13/8" ¢ rods
[474] [474)
1= 4-13/8" ¢ rods 4-13/8" ¢ rods
[632] [632]
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of braces in the first two stories corresponds to the largest brace that can be anchored from
a practical and economical standpoint. Based on the results presented in Chapter V and
in the previous section for the three-story building, only steel rods with only one level of
initial brace prestress were considered for study; i.e. 75% of the brace yield strength.

Fig. 6.32 compares the bending moment distribution In columns for the original and
braced structure with scheme C4B for an Initial brace prestress level of 75% of the brace
yield strength. Because the brace size in configuration C4A and C4B is similar, the
distribution of internal forces with both schemes is also very similar. As can be seen in Fig.
6.32, bending moments after initial brace prestressing Is significantly increased only in first
and twelfth story exterior columns. Nonetheless, the magnitude of the bending moments
induced is only a fraction of the yielding moment capacity of the columns (= 7% My in the
first floor and =26% My in the twelfth story). The shear demands assoclated with the

M o2s

S —N—— ) M - 007

ORIGINAL -BRACED C4B

Figure 6.32 Effects of initial brace prestressing on the bending moment distribution in
perimeter frame columns. Original building and braced structure, bracing
config. C4 with Initial brace prestressing of 75% of brace yleld strength.
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induced bending moments are also small approaching only 14% of the estimated shear
capacity for the columns of the twelfth story. Bending moments and shear forces in beams
are of the same order of magnitude, but represent an even smaller fraction of the capacity
anticipated for the beams.

Axial forces in columns after prestressing are significantly increased with respect to
those under gravity loads alone. The largest increases occurs for interior columns in the first
story, where axial forces reach about 32% of the capacity of the column in pure
compression. Axial forces in beams of braced bays induced by prestressing are of similar
magnitude as those In columns, but because beams have smaller cross section dimensions
compressive forces represent about 45% of the capacity in pure compression. In addition,
the short spandrels of exterior bays show small tensile forces upon prestressing of braces.
Thus, it is anticipated that collector elements may be required to augment the tensile
capacity of beam members.

Overall, the level of forces induced by prestressing of braces with configuration C4B
(and C4A) do not jeopardize the integrity of the existing structure. As discussed in previous
sections, member capacity used in the analyses was based on axial forces due to gravity
loads alone, mainly because the magnitude of the axial forces due to brace prestressing
may vary considerably during earthquake loading.

6.3.2.1 Lateral Stiffness and Strength

The relationships for the base shear coefficient and the drift at the centroid of inertia
forces for the existing and the building braced with configurations C4A and C4B are
compared in Fig. 6.33. In this figure, the relationships have been obtained using a uniform
lateral load distribution over the height of the building. As can be seen, the increase in
stiffness provided by both bracing configurations is substantial and, as expected, the initlal
lateral stiffness of scheme C4B Is slightly larger than that of configuration C4A. Because
braces are initially prestressed to 75% of their yield strength, braces which elongate reach
yielding before braces which shorten begin to sag. Yielding of first story braces began, with
both schemes, at a drift of about 0.2%; an event that had only a minor influence in the
overall lateral drift at the centroid of inertia forces, as shown in Fig. 6.33. Ultimate strength
of the braced building is about four times larger than that of the original structure. The
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Figure 6.33 Base shear coefficlent and drift at centroid of inertia forces relationship for
the twelve-story building. Original and braced structure with post-
tensioned steel rods (configurations C4A & C4B).

mode of failure of the braced building is similar to that of the original structure, and is due
to shear failure of the columns in the first and second story. Because lateral strength
provided by the bracing system is the same In these two stories (see Table 6.6), ultimate
strength of the building is the same for both schemes. Note that prior to the shear failure
of columns, second story braces reach ylelding and the short spandrels of the first story fail
in shear, as indicated in Fig. 6.33

Also shown In Fig. 6.33 are the base shear coefficients required by ATC-22 for an
OMRSF and for a dual system consisting of a CBF with an IMRSF capable of resisting 25%
of the lateral loads. Brittle elements were assumed In estimating the coefficients shown in
the figure because columns remain susceptible to falling in shear even after bracing of the
building. As discussed In section 6.2.2.1, the response modification factors embodied in the
recommendations of ATC-22 for braced frames are intended for concentric bracing systems
with structural steel sections. The factors are not considered appropriate for the evaluation
of post-tensioned bracing systems. In addition, the building under study cannot be
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classified as an IMRSF, becauss its reinforcing characteristics are those of an OMRSF (ATC-
22 does not include provisions for a CBF and an OMRSF). However, it is reasonable to
assume that the required lateral resistance for a CBF with an IMRSF Is a lower bound for
the strength required for an OMRSF with a post-tensioned bracing system. As can be seen,
ultimate strength provided by both schemes is below the lower bound described abave,
which suggest the post-tensioned bracing system would be inadequate to protect the
structure against collapse.

6.3.2.2 Dynamic Response Analysis

Dynamic Properties

Table 6.7 shows the fundamental periods of vibration and the effective damping
ratios for the original and braced structure corresponding to the different types of soll sites
selected for study. For the braced buildings (C4A and C4B) on firm salls, the reductions in
the fundamental period of the building are substantial; about one-half of the fundamental
period of the original structure. Note, however, that because the lengthening in the period
of the braced buildings on soft sails is only moderate (T/T max = 1.12 for C4B in Mexico
City) and the effective height to foundation ratio is relatively high (h'/r = 1.57), the
corresponding effective damping ratios of the system do not differ from those adopted for
the structure on firm soils.

Also note that the resulting period of vibration for the braced buildings (C4A and
C4B) is about 2 secs. For the Mexico City 3 SCT1 record, such period of vibration
corresponds to maximum demands of strength (see Fig. 4.27) and therefore, a large
response can be anticipated for the braced buildings.

Dynamic Response

Maximum inter-story drift ratios for the braced buildings, C4A and C4B, obtained for
the ground motions on firm and soft soil sites are presented in Figs. 6.34 and 6.35,
respectively. The results presented for the building located on soft solls take due account
of the rocking motion of the foundation and correspond to the actual inter-story drifts for the
building. For the three records on firm soils (Fig. 6.34), inter-story drifts remain below 1%
in all stories, except for the first story drift obtained with configuration C4B subjected to the
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Table 6.7 Dynamic properties of the original and braced buildings
with post-tensioned steel rods. (Twelve-Story Building)

Fundamental Period (sec)

[Effective Damping]”
Soil Type
Building Fam Soft
Sitty Clay San Francisco
Deposits Bay Mud
{Maxico City) (California)
Case I
Original 3.52 3.63 3.60
[20%] [23%] [26%]
Config. C4A 1.87 207 202
[20%] [25% ] [24%])
Config. C4B 1.7 1.93 1.87
[20%]) [29%] [25%]

* values are based on a h'/r ratio of 1.57 in accordance with the dimensions
of the foundation.

scaled El Centro record. The drift in the latter case approaches 1.25%. For the scaled El
Centro record, shear failure is not prevented in all members, but it is confined to only a few
columns and spandrels. On the other hand, for the Corralitos and Viiia del Mar records,
column shear failure is prevented in all column members. Notice that, in general, inter-story
drifts tend to be more uniformly distributed with height in configuration C4A than in
configuration C4B. With the latter scheme, deformations concentrate primarily in the first
two stories. While this resuit could not have been anticipated, it can be simply explained
by the larger stiffness and strength (larger brace size) in the upper stories of configuration
C4B which help restrain the lateral displacements of the upper stories.

For the building on soft soils, the results for the building subjected to the Mexico
City - SCT1 record are substantlally different from those of the building subjected to the
Oakland record, with both bracing configurations. For the Mexico City - SCT1 record, the
bracing system is clearly unable to limit the lateral deformation of the building and collapse
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Figure 6.34 Maximum inter-story drift ratios for the braced buildings (C4A and C4B)
subjected to the records measured on firm soil sites.
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of the structure is anticipated due to column shear failure. The only difference between the
response of the two bracing configurations studied is that with scheme C4A collapse of the
building initiates in the third story, whereas with configuration C4B collapse of the building
originates in the first story.

For the Oakland record, however, maximum Inter-story drifts with both
configurations remain below 1% and are reduced with respect to those obtained for the
original building (see Fig. 6.30). Column shear fallure is eliminated with configuration C4A.
With configuration C4B shear failure is anticipated in only one column of the perimeter
frames.

Performance of Post-tensioned Bracing System

The results presented above indicate that for builc!lngs on firm soll sites the post-
tensioned bracing system can be used to reduce the respdnse and the lateral deformations
of the twelve story structure selected for study. For the building on soft soils, the
effectiveness of the bracing system varies depending on the ground motion considered. For
the Mexico City - SCT1 record, the system Is unable to prevent collapse of the building,
while for the Oakland record lateral deformations are restrained and collapse of the building
is prevented.

The following section presents an evaluation of the post-tensioned bracing system
by comparing the performance of the reinforced concrete members for the original and
retrofitted buildings. In addition, the expected behavior for the braces Is also examined.

Performan f Reinfor ncrete Mem

To evaluate the performance of the reinforced concrete members and that of the
braces, the resuits obtained with scheme C4B with the scaled El Centro record will be used.
Without including the Mexico City - SCT1 record, the scaled El Centro record imposes the
largest demands on both the original and the braced buildings. In Fig. 6.36, the profile of
plastic hinges developed in the perimeter frames of the original structure and those
developed for the braced building is compared. Also shown In this figure are the members
that exhibit shear fallure during the response to earthquake record. (In Fig. 6.36, the length
of the short exterior bays are shown larger than the actual scale)
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Figure 6.36 Hinge location for the perimeter frames of the original and braced bullding with
configuration C4B. (Exterior bays are not drawn to scale for clarity)

In the original building, shear failure is anticipated in all second story columns. In
addition, one column in the first story and the short spandrels of exterior bays of the first
floor are also expected to fail in shear, as shown in Fig. 6.36. Failure of these elements lead
to unrestrained lateral displacements in the second floor and ultimately to the collapse of
the building. Because shear failure of columns and beams occurs in the early stages of the
ground motion and at relatively small lateral drifts, the hinge rotation in long spandrels Is
relatively small (8 .., / © y S 1.5). In the short spandrels, the hinge rotation for negative
moment is also small. For "positive® moment pull-out of bottom reinforcement is predicted
in some of the first and second story spandrels with significant hinge rotation.

inthe braced structure, column shear failure is confined only to the interior columns
of the first and second story. The short spandrels of the first floor also fail in shear.
However, maximum inter-story drifts in the braced structure are limited to 1.25% In the first
story and therefore, the integrity of the structure is not considered to be at risk. In any
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event, the columns could be encased using a steel jacket to help maintain the integrity of
the concrete and prevent, or at least reduce, loss of axial capacity upon shear failure. The
jacketing may have to be provided over the entire height of the building to prevent sudden
interruptions in stiffness with height and induce a "soft story”. In columns, plastic hinges
develop only at the base of auter columns in the first story and at the top of some second
story columns. Hinge rotations are small (8 ., / Gy < 1.7) and are below the available
rotation of the section (8, /6 y =610 7). In beams, plastic hinges develop primarily in
the short spandrels, mainly because outer bays are not braced. [n the short spandrels, pull-
out of bottom reinforcement Is predicted in many of the beams, with reductions in strength
of about 80% in some elements. While anchorage failure could lead to significant large
cracks opening In the hinging region of the spandrels, it does not threaten the integrity of
the structure.

The distribution of axial forces abtained in columns with configuration C4B when
subjected to the scaled El Centro record is presented in Fig. 6.37. In this figure, the level
of axial forces is presented as the ratio between the maximum force developed in the
member during the response and the capacity of the column in pure compression or
tension. Axial forces are mostly compressive forces, except in the lower stories (first to sixth
story) of the double column configuration where tensile forces are also generated. The axial
tension forces are not exclusively due to the presence of the braces, but also due to
overturning moments generated during the lateral deformation of the building, as revealed
by examining the results for the unbraced structure. Maximum compressive forces occur
in first and second story columns and approach the load at balanced strain conditions,
which will help improve the flexure and shear capacity of the members. Tensile forces in
the outer columns of the first story reach only 30% of the capacity in pure tension.
However, due to the abrupt change in the amount of the longitudinal reinforcement between
first and second story columns (see Fig. 4.11), tensile forces approach 92% of the column
capacity in pure tenslon. Axlal tension forces in the third and fourth stories are reduced, but
they still represent an important fraction of the capacity In tension. On the basis of these
results the need for steel collector elements is apparent to avoid distress of the columns in
tension and/or significant reductions in the fiexural and shear capacity of the columns.
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Figure 6.37 Distribution of axial forces in columns with configuration C4B for the scaled El
Centro record. (Axial force Is shown as a fraction of the member capacity in
pure compression or tension; exterior bays not drawn to scale)

Long spandrel beams exhibit compressive forces throughout the height of the
building. Maximum compressive forces approach, in general, 45% of the capacity of in pure
compression. In the short spandrels, both tensile and compressive forces are developed
during the response. The magnitude of compressive forces reached only 8% of the capacity
in pure compression. However, using the minimum amount of longitudinal reinforcement
provided in the spandrels (typically at mid-span) and neglecting the contribution of slab
reinforcement, maximum tensile forces approach 35% of the capacity in pure tension in the
lower stories. While failure in tension of the short spandrels is unlikely for the level of forces
induced, tensile forces will reduce the flexural and shear capacity of the beams and they will
probably have to be strengthened.
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Performan f Steel Rod Brac

Fig. 6.38 shows the distribution of Inelastic behavior in the braces for configuration
C4B during the scaled El Centro record. Yielding is observed in most of the braces,
particularly in the lower stories (first to sixth story). In the upper stories, only a few braces
reach yielding, while the rest of the braces remain within the elastic range. As expected, the
amount of plastic deformation is more extensive In the braces of lower stories and is
gradually reduced for the braces in the upper stories. [n the first floor, maximum brace
elongations exceed the allowable elongation In tension (yield elongation), and therefore
braces lose Initial prestress completely. However, maximum elongations of braces in the

Brace reached ylekl
(never became’.;lleaog),g

Brace reached ylelding and
became slack, with plastic
elongations in tension
exceeding maximum allowable.

Braced C4B - Scaled El Centro

Figure 6.38 Braces that yielded and/or became slack during the response for the scaled
El Centro record.
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second story and In the upper stories, remain below the allowable elongation in tension.
The residual prestress force in the latter braces is 45% of the brace yield strength or higher.

The performance of first story braces is inadequate and violates the performance
criteria established for post-tensioned braces (see Chapter V). Even though maximum
lateral drifts in the first floor are not considered to jeopardize the integrity of the building, the
performance of first story braces raises serious questions regarding the ability of the system
to limit lateral displacements in a larger or similar selsmic events. Because braces In the
first two stories in configuration C4B correspond to the largest brace that could be anchored
at an economical cost, an Increase in brace size is not economically feasible. However,
configuration C4B could be used as part of the retrofit scheme for the building provided that
columns in the first and upper stories be strengthened to avoid shear failure prior to flexural
yielding of these elements. Possible strengthening schemes for the columns are reinforced
concrete or steel jacketing of the members. As noted earfier, the addition of jacketing may
require a re-evaluation of the bracing scheme due to the changes in stiffness, therefore in
earthquake demands. However, because the stiffness provided by the bracing system is
generally much larger than that provided by the jacketing, significant changes in earthquake
demands are not anticipated.

The performance of braces with scheme C4A was better than that described above
for scheme C4B. With scheme C4A braces reached ylelding and became slack during the
response to the scaled El Centro record. Despite significant yielding of braces, the prestress
force was never lost completely and all braces became taut upon unloading of the frame.
Either scheme represents a feasible retrofit alternative for the building, provided that columns
are strengthened to prevent shear failure.

6.3.2.3 Summary

Several post-tensioned bracing configuration patterns with different sizes of braces
were studied as possible retrofit schemes for the twelve-story building. Within each
configuration, distinct levels of stiffness and strength were investigated. From the
configurations studied, only one configuration pattern, C4, was able to protect the building
from collapse when subjected to the records on firm soll sites. Nonetheless, shear failure
was still observed in a few columns In the first and second story levels. The performance
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of braces varied depending on the brace size and distribution. With scheme C4A, braces
yielded and became slack during response, but never lost their prestress completely.
However, with scheme C4B, braces yielded extensively in the first story and lost their
prestress completely. Because the amount of bracing required in the lower stories
correspond to the largest size of braces that can be anchored at an economical cost, an
increase in the size of braces in these stories was not a viable alternative. In addition,
increasing the size of braces does not guarantee better performance of the existing
members or of the braces in similar events. To safeguard columns against a premature
shear fallure in the lower stories, it is suggested that the columns be encased with steel or
reinforced concrets jacketing. The jacket of the columns should be designed to help carry
the axial tensile forces developed in the columns of the outermost column lines. Similarly,
the short spandrels of outer bays will probably require collector members to augment the
tensile capacity of the spandrels.

For the Mexico City - SCT1 record, the post-tensioned bracing system was unable
to protect the building against collapse, even for the largest possible size of brace that could
be anchored at an economical cost. Due to the nature of the earthquake record and the
dynamic characteristics of the braced building, the demands imposed by the record always
offset the available strength and ductility In the braced building.

For the Oakland record, the performance of existing reinforced concrete members
and that of the braces is similar to that observed for the records on firm soils.
Consequently, recommended retrofit solutions for the Oakland event will be similar to those
described above for the records on firm soils.

6.3.3 Retrofit Scheme Il - X-Bracing (Structural Steel Braces)

Two bracing configurations were selected for evaluating the response of the
structure, namely TS and DA-TS as shown in Fig. 6.39. Braces consisted of tubular or
double angle sections, and were selected to meet the slenderness requirements for seismic
zones ( KL/r < 720/ ) of the Load and Resistance Factor Design manual (LRFD) “%.
In addition, tube se~tions followed the specifications for the flat width to thickness ratio of
the LRFD manual (b/t,, < 110/ \/T;) to avoid premature fracture of the tubes due to
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TS DA-TS

Figure 6.39 Bracing configurations for concentrically braced building with structural steel
braces. (perimeter frames only)

Table 6.8 Size and distribution of braces for configurations TS and DA-TS. (Twelve-
story building)

Brace Size
Story Level { Aea (n?) |
TS1 TS2 DATS
2™ 15 Root TS6x6x5/16 TS8x8x1/2 TS10x 10x 5/8
[6.86] [14.40] [2240]
bt TS7x7X3/8 TS10x 10 x 1/2 2L8x8x1-1/8
[9.58] [18.40) [33.50]
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repeated load reversals. Typical brace size and distribution of braces for both configurations
are presented in Table 6.8. For bracing configuration TS, the response of the braced
structure was studied for two different size and distribution of braces (configurations TS1
and TS2 in Table 6.8), and represented two distinct levels of stiffness and strength for the
braced structure. Bracing configuration DA-TS was designed to meet the specific demands
of the Mexico City - SCT1 record, which required large brace sections in the lower stories.
Because there was no tube section that could meet the stiffness, strength and slenderness
ratio required for the Mexico City - SCT1 record, double-angle sections were used in place
of tubular sections in the first story. Braces used with scheme DA-TS exceed the maximum
size that would be feasible to anchor at an economical cost and probably would not be a
viable alternative. Nonetheless, the results for scheme DA-TS are included in the analyses
mainly to illustrate unique behavioral characteristics of the braced building when subjected
to the Mexico City - SCT1 record.

In all three bracing configurations, brace size was selected to provide, as closely as
possible, a uniform distribution of lateral stiffness and strength throughout the height of the
building. The resulting slenderness ratios of braces varied from 65 (heaviest braces) to 106
(lightest braces) for out-of-plane buckling, which normally governed the design of the braces
(K = 0.67 as indicated in Chapter lll). Yield strength was 50 ksi for double angle braces and
46 ksi for tubular sections.

6.3.3.1 Lateral Stiffness and Strength

In Fig 6.40, the relationships for the base shear coefficient and dirift at the centroid
of inertia forces for the original and braced structures are compared. Also shown in this
figure is the relationship for the post-tensioned bracing system obtained for configuration
C4B with braces initially prestressed to 75% of the yleld strength. The relationships shown
were obtained using a uniform lateral load distribution over the height of the building.

Configuration TS1 was designed to provide the same Initlal stiffness as that of
configuration C4B, mainly to provide a basis of comparison for the two bracing systems
without including the changes in the demands due to different periods of vibration of the
buildings. Because of the lower yield strength of the tubular sections, ultimate strength of
bracing configuration TS1 is smaller than that of configuration C4B. Bracing configuration
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Figure 6.40 Base shear coefficient and drift at centroid of inertia force relationship for
the twelve-story building. Original and braced structure with configurations
TS1, TS2, DA-TS and C4B.

TS2 has both, higher initial stiffness and ultimate strength than configuration C4B.

The predicted mode of failure of the braced building is the same for all bracing
configurations and is due to the shear failure of the columns in the second story. As shown
in Fig. 6.40, shear failure of columns begins only after buckling and yielding of braces in the
first story, for all three bracing configurations. Such behavior is welcome since it indicates
that braces may begin to dissipate energy and reduce the response of the building prior to
shear failure of columns. In configuration DA-TS, shear failure of second story columns
begins soon after yielding of first story braces, and it occurs at a smaller lateral drift than for
the building braced with the other configurations. Because lateral stiffness and strength of
configuration DA-TS is much higher than those of the other configurations in every floor
level, the lateral deformations measured at the centroid of inertia forces (seventh fioor) are



224

smaller. However, lateral drift in the second story, where column shear failure Initiates, is
similar for all bracing configurations.

The base shear coefficient required by the provisions of the ATC-22 for the
evaluation of building structures is also presented In Fig. 6.40. The coefficients are shown
for an OMRSF and for a concentrically braced frame (CBF) with an intermediate moment
frame (IMRSF) capable of resisting at least 25% of the lateral loads. Brittle elements were
assumed for estimating both coefficients. For the braced building the use of modification
factors assaciated with brittle elements Is justified because columns remain susceptible to
a shear fallure even after bracing of the building. As noted earlier, the building under study
does not correspond to an IMRSF because lts reinforcing characteristics are those of an
OMRSF (ATC-22 does Include provisions for a CBF with an OMRSF). However, the required
lateral strength for a concentrically braced frame with an IMRSF represents a lower bound
for a building with CBF and an OMRSF.

Assuming that the design lateral resistance of the braced building is given by the
buckling capacity of the braces (as assumed in the elastic design procedure of CBF
systems), it can be seen that all three bracing schemes would have inadequate strength in
light of the requirements of ATC-22. However, ultimate strength of configuration DA-TS is
larger than the required strength for a CBF with an IMRSF. Because of the relatively high
strength of scheme DA-TS, it is likely that the performance of configuration DA-TS will be
adequate.

6.3.3.2 Dynamic Response Analysis

Dynamic Properties

The fundamental periods of vibration and effective damping ratios for the original
and the building with X-bracing are shown in Table 6.9. Because of the relatively heavy
braces in all three configurations, the period of vibration is significantly reduced with respect
to that of the original building, particularly for configuration DA-TS. For the buildings located
on firm soil sites, the shortening in the fundamental period of vibration will probably result
in increased strength demands (see Fig. 4.26). For the buildings subjected to the Mexico
City - SCT1 record, pseudo-accelerations are increased for all three bracing canfigurations
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Table 6.9 Dynamic properties of the original and buildings with X-

bracing.
Fundamental Period (s.ec)
[Effective Damping]
Soll Type
Building Fim Soft
Silty Clay Deposits | San Francisco Bay Mud
(Mexico City) (California)
Case i
Original 352 363 3.60
[20%] [23%] [26%]
Config. TS1 174 1.96 1.90
[(20%] {29%] [25%]
Config. TS2 142 1.67 1.60
[20%] [(32%] [28%]
Config. DA-TS 0.95 1.30 1.21
[20%] [58%] [48%]

* values are based on a h'/r ratio of 1.57 in accordance with the dimensions of the
foundation

due to shortening of the fundamental period of the buildings. Furthermore, the fundamental
periods of the braced buildings are located to the left of the peak spectral response
(configurations TS2 and DA-TS) or at the peak of the response (configuration TS1), as can
be seen in Fig. 4.27. It is anticipated that the demands on the building with configuration
TS1 (and possibly configuration TS2) will be significantly higher than those imposed on the
original building by the same record. For the Oakiand record, the demands of strength
(pseudo-acceleration) are increased for all three bracing configurations.

Effective damping ratios for configurations TS1 and TS2 located on soft soil
conditions do not differ significantly from those adopted for the buildings on firm soll sites.
The reason is that the lengthening in the fundamental period of vibration of the braced
buildings with TS1 and TS2 Is relatively small and consequently, foundation damping factors
are also relatively small. For configuration DA-TS, however, the lengthening in the period
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is larger than that observed for the other bracing configurations, and effective damping
ratios are substantially larger, particularly for the clay deposits of Mexico City.

Dynamic Response

Maximum inter-story drifts for the braced building with the three bracing
configurations obtained for the records measured on firm soil sites Is presented are Fig.6.41.
For the Corralitos and Viiia del Mar records, lateral deformations remain below 1% drift with
all three bracing schemes. For the Corralitos record, column shear failure Is prevented only
with configurations TS1 and TS2. With scheme DA-TS, shear failure is predicted in interior
columns of the first story, but maximum drifts remain below 1%. For the Viia del Mar
record, shear failure of columns is prevented in all cases.

For the scaled El Centro record, the response of the building varies significantly w.ith
each bracing configuration. Bracing configuration TS1 fails to protect the structure from
collapse; shear failure is predicted in all second story columns and lateral drifts reach 2.5%
in that story. On the other hand, bracing configuration TS2 limits inter-story drifts to values
that remain below 1% and prevents the shear failure in all but one interior column in the
second story. The behavior described above can be partly explained by the fact that
strength demands imposed by the scaled El Centro record on structures TS1 (1.74 secs.)
and TS2 (T=1.42 secs.) are essentlally the same (see Fig. 4.26). At the same time, lateral
strength provided by configuration TS2 Is larger than of TS1 (see Fig. 6.40). Therefore, an
improved performance can be expected wiih scheme TS2.

When the building is braced with configuration DA-TS, the performance of the
bracing system is not as effective as that with scheme TS2. Lateral drift in the first story
reaches 1.25% and shear failure of some columns in the first and second floor is observed.
In the latter case, strength demands for the scaled El Centro record increase significantly
for configuration DA-TS (see Fig. 4.26) and probably offset the available strength of
configuration DA-TS. Similar behavior is also observed for the other two records on firm soil
sites.

In summary, lateral drifts abtained with bracing configurations TS2 and DA-TS for
the records on firm soll sites do not jeopardize the integrity nor the stability of the structure
and can be considered to provide an adequate safety level against collapse of the building.
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Maximum Inter-story drifts for the buildings located on soft soil sites are presented
in Fig. 6.42. As anticipated, bracing configurations TS1 and TS2 are unable to prevent
collapse of the building when subjected to the Mexico City - SCT1 record. Shear failure is
developed by all second story columns. On the other hand, the response of the building
with configuration DA-TS s significantly reduced, with maximum inter-story drifts that are
below 0.5%. Except for a few plastic hinges in some of the short spandrels and the buckling
of braces in the first story, the behavior of the structure is essentially in the elastic range.
The improved performance of the building with the latter configuration is due primarily to the
decrease in the strength demands due to shortening of the period of braced building DA-TS
(see Fig. 4.27 and Table 6.9). The potential energy dissipation characteristics of the bracing
system do not play a role in the reduced response of the building (braces never reach
yielding, only reach buckling in the first story).

For the Oakland record, configurations TS1 and DA-TS effectively reduce the
response of the building and result in maximum drift ratios which are below 1% in all stories.
Column shear failure is not observed in any of these two bracing configurations. Howaever,
when the building is braced with configuration TS2, most of the second story columns fail
in shear with lateral drifts that reach 1.25% in the second story. Since the majority of
second story columns fail in shear, configuration TS2 cannot be considered to provide an
adequate safety level against collapse. The latter configuration could be used as a retrofit
scheme provided that columns are encased with an extenal jacketing to permit the
development of the flexural capacity of the columns in the lower stories.

Performance of X-Bracing System

The results presented above indicate that X-bracing can be designed to reduce the
response and control lateral drift of the building under study. Contrary to the results
obtained for the three-story building analyzed in the previous section, there is no unique
solution that satisfies the demands of the records on firm soil and soft soil sites at the same
time. Following Is an evaluation of the behavior of the reinforced concrete members and
steel braces for the configurations that led to an adequate performance of the structure.
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Figure 6.42  Maximum inter-story drift ratios for the braced building (configurations TS1,
TS2 & DA-TS) subjected to the records on soft soll,
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a) Performance of Reinfor: oncrete Member

To evaluate the behavior of the building, the results obtained for configuration TS2
with the scaled El Centro record will be used. From the records on firm soils, the scaled
El Centro record imposes the largest demands on the building with scheme TS2. In Fig.
6.43, plastic hinges developed In the perimeter frames for configuration TS2 Is presented.
Also shown in this figure are the members that fail in shear during the scaled El Centro
record. (In Fig. 6.43, the length of the short exterior bays are shown larger than the actual
scale)

BRACED Ts2

O Hinge in only one direction of bending
@ Hinge in both directions of bendiing
== Momber shear failure
Figure 6.43  Hinge location for the perimeter frames of the braced bullding with

configuration TS2 when subjected to the scaled El Centro record. (Exterior
bays are not drawn to scale for clarity)
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As can be seen, shear failure is prevented In all columns through the height of the
building, and it is only anticipated for the short spandrel beams of the first floor. However,
shear forces in some of the second story columns reached 92% of the shear capacity. The
possibility for column shear failure in similar or larger events is evident. The latter result
suggests that columns will require external jacketing to guarantee the adequate performance
of scheme TS2.

Plastic hinges are developed only in beams. Pull-out of bottom beam reinforcement
is predicted in many of the short spandrels but with minor reductions in strength which are
not considered to affect the integrity of the structure.

The axial force distribution in columns with configuration TS2 subjected to the
scaled El Centro record is presented in Fig. 6.44. The figure shows the maximum axial fonjce
developed in the members as a fraction of the corresponding capacity in pure compression
or tension. It can be seen that the level of the tenslon forces developed in the columns of
the bottom and top stories is high and exceeds the tension capacity in many cases.
Compression capacity is never exceeded, but maximum compression forces reached up to
55% of the estimated capacity in some columns. Similar to the results obtained for the
three-story buildings, the level of tension forces developed in columns with post-tensioned
rods (see Fig. 6.37) is smaller than that obtained for scheme TS2. In addition, fewer
columns showed tension forces for configuration C4B. This resuit is primarily attributed to
the configuration adopted with scheme C4 and to the Initial pre-compression induced in
columns by initial prestressing of the rods.

Compressive axial forces in beams are, in general, lower than those obtained with
configuration C4B with post-tensioned rods and remained below the compression capacity
of these members. Tension forces are developed In beams of both braced and unbraced
bays. Using the minimum amount of longitudinal reinforcement in the spandrels (typically
at mid span) and neglecting any contribution of slab reinforcement, the maximum estimated
tensile forces reach 25% of the capacity in pure tension.

While the flexural behavior of columns is adequate, the high level of tension forces
induced in these members by the bracing system becomes a burden for the use of an X-
bracing scheme. To prevent failure in tension and/or significant reductions in the flexural
and shear capacity of columns, jacketing and collectors will have to be provided throughout
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Bl Compression
Tension

1.68

Figure 6.44  Axial force distribution in the perimeter frames of the braced building with
configuration TS2 for the scaled Ei Centro record. (Axial force is shown as
fraction of the capacity of the member in pure compression or tension)

the height of the building. Alternatively, to reduce the level of axial tension forces and to
alleviate the design of collector members, braces could be distributed within the three
middle bays using a configuration pattern similar to that of configuration DA-TS.
Nonetheless, the latter configuration pattern will require a larger number of brace
connectors. In addition, because of the high level of tension forces obtained it can be
anticipated that collector members will most likely be required in most columns and beam
members anyway.
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Brace ylelding and buckling of braces with configurations TS2 for the scaled El
Centro record are presented in Fig. 6.45. Brace buckiing is observed in most braces up to
the ninth story; in the upper stories braces remain within the elastic range. In the second
and upper stories braces never reach yielding and maximum elongations after buckling
approach, at the most, 1.5 times the elongation at buckling load. In the first story, however,
the braces yield and buckle with extensive inelastic excursions in both tension and
compression, as illustrated by the hysteretic behavior of a typical first story brace in Fig.
6.45. Note that the brace buckles several times during the response of the structure and
reaches the residual buckling load (P ). Because the flat width to thickness ratio of the

® Brace reached /f
b Yyiokding

o Brace reached buckiing

ELONGATION RATIO, A / Ay

£4/ 4 °011VH 30HO4 TVIXY

Figure 6.45  Ylelding and buckiing of braces, and typical hysteretic behavior of first story
braces with configurations TS2 when subjected to the scaled El Centro

record.
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tube sections was selected to meet the LRFD recommendations for seismic behavior,
fracture of the tube section due to repeated load reversals is not anticipated. However, it
is clear that first story braces will experience a high level of damage after the earthquake.

The behavior of braces with configuration DA-TS for either the Mexico City - SCT1
or the Oakdand record Is In the elastic range in all but In the first story. First story braces
only reach buckling (never reach yielding) with minimal reductions in strength and practically
no hysteretic behavior.

6.3.3.3 Summary

The use of X-bracing as a retrofit scheme was studied by examining several possible
configuration patterns, with different size and distribution of braces. From the retrofit
schemes studied, three bracing configurations were considered to be viable alternatives for
the retrofit of the building. These configurations are in increasing order of stiffness and
strength: TS1, TS2 and DA-TS. Configuration TS1 was designed to provide the same Initial
stiffness as that of configuration C4B with post-tensioned rods, mainly for comparison.

For the records on firm soils, configurations TS2 and DA-TS both protect the
building against collapse, with configuration TS2 being the most effective. However, retrofit
scheme TS2 will require jacketing of columns throughout the height of the building to
augment their shear strength. Beams will require collector elements to increase their axial
load capacity.

For the records on soft solls, only configuration DA-TS prevents collapse of the
structure under the Mexico City -SCT1 record, while for the Oakland record configurations
TS1 and DA-TS protect the building from collapse. However, the response of the building
on soft soils with configuration TS2 Is the least effective and fails to prevent collapse of the
structure. With bracing configuration DA-TS, the behavior of reinforced concrete members
and steel braces is essentially in the elastic range, with little or no hysteretin behavior.

For the Mexico City - SCT1 record, the response of the braced building with lower
stiffness and strength (schemes TS1 and TS2) led to collapse of the structure, despite the
dissipation of energy through extensive yielding and buckiing of braces. The key to the
success of configuration DA-TS scheme was, for the Mexico City - SCT1 record, the large



235

stiffness of the bracing system and the reduction demands of the building due to shortening
of the period of the building. Because of the large size of the braces, the use of
configuration DA-TS as a retrofit scheme will most likely require large anchorage devices
and the extensive use of collector members to transfer the large brace forces to the existing
building. As noted earlier, the use of scheme DA-TS would probably be uneconomical and
impractical.

The response of the X-bracing system for the records on firm solls is comparable
to that of the post-tensioned bracing system. Both, configuration TS2 and C4B (or C4A)
protect the building from collapse and result in a similar level of performance for the
reinforced concrete members. The post-tensioned bracing system has the advantage that
it would probably require fewer and smaller collector members than configuration TS2. On
the other hand, configuration TS2 has fewer braces which would require fewer anchorage
devices (brace forces are of the same magnitude for both configurations). Both schemes
C4B (C4A) or TS2 offer comparable retrofit designs, and the final design Is more a matter
of economics and practicality rather than performance level.

6.3.4 Retrofit Scheme 1l - Structural Wall

The third retrofit scheme consisted of the addition of a structural wall (shear wall)
to the perimeter frames. Two wall schemes with very distinct levels of stiffness and strength
were selected for study. Typical dimensions and reinforcing details of the wall schemes are
presented In Figs. 6.46 and 6.47, respectively. The first wall scheme, W1, consists of
eccentric reinforced concrete walls, 15 in. thick, located in the outer bays (double column
configuration bays), as shown in Fig. 6.46.

Walls are connected directly to existing columns by # 6 bar dowels to allow existing
columns to act as boundary elements for the wall. Longitudinal reinforcement in these
columns in the first floor is typically spliced in the mid-length region with a 40 bar diameter
lap (see Fig. 4.12) which Is barely sufficient to develop yielding of the reinforcement. In
addition, spacing of transverse reinforcement (#3 bars) do not meet current ACI 4
requirements for confinement of concrete and lateral support of longitudinal reinforcement
in boundary elements of structural walls. To avoid a premature bond failure of the
longitudinal reinforcement and to provide additional confinement to the concrete and
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WALL REINFORCING SCHEDULE
Floor | Vertical | Hodzontsl | Dowels
1".8" | #1106 #8012 |#8010
9"-Roof | # 9068 | #8012 J#8012

Column Beam Column

SECTION A - A

Scheme W1

Figure 6.46  Cross section dimensions and reinforcing details of structural wall scheme
W1 for the twelve-story building.

compression reinforcement, existing columns will probably have to be confined with external
steel straps, or reinforced concrete or steel jacketing 28 59. Note that because plastic
hinges are expected to develop only at the base of the wall, the jackets would strictly be
required in only the lower stories of the building, probably only in the first and second
stories. The reinforcement layout shown in Fig. 6.46 was designed to satisfy the demands
at the base of the wall, and it is likely that the longitudinal and transverse reinforcement
could be gradually reduced with the height of the building to achieve a more economical
design.

Shear reinforcement in wall scheme W1 consisted of two curtalns of # 6 bars
spaced at 12 In, as shown in Fig. 6.46. Design of the horizontal reinforcement followed
capacity design principles to prevent shear failure prior to developing the flexural capacity
at the base of the wall.
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The second wall scheme, W2, consisted of one long structural wall that covered the
central bay of perimeter frames of the building, as shown in Fig. 6.47. Similar to scheme
W1, the wall is located eccentrically, flush with the exterior face of columns. The wall is
15 in. thick and Is connected directly to the existing columns by dowels throughout the
height of the building, as shown in Fig. 6.47. As above, existing columns are expected to
act as boundary elements of the wall, and will have to be externally confined as described
for scheme W1. Similarly, external confinement will probably be restricted to only the lower
stories of the structure. Shear reinforcement consisted of two curtains of #8 (or #7 bars,
see Fig. 6.47) and followed capacity design principles.

WALL REINFORCING SCHEDULE

Floor | Verical | Horzontal | Dowels
1"-.6" | #11012] ¥8 @12 | #100@10
6"-Roof| # 90@12] #7012 | #8012

SECTION A -A

Scheme W2

Figure 6.47  Cross section and reinforcing detalls of structural wall scheme W2 for the
twelve-story building.

6.3.4.1 Lateral Stifiness and Strength

In Fig. 6.48, the relationships for the base shear coefficient and drift at the centroid
of inertia forces for the original and braced building with wall schemes W1 and W2 are
compared. In this figure, the relationships have been obtained using a uniform lateral
distribution over the height of the bullding. For comparison, the relationships obtained for
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Figure 6.48  Base shear coefficient and drift at centroid of inertia forces relationship for
the original and braced structure with wall schemes W1 & W2, with post-
tensioned rods C48 and with tube sections TS2.

the post-tensioned bracing system with configuration C4B and for the X-bracing system with
configuration TS2 are also shown in Fig. 6.48.

The building with structural scheme W1 shows only a moderate increase In initial
stiffness. The sequence of events in the lateral response of the building indicates that shear
failure in second story columns initiates prior to yielding of the flexural reinforcement in the
wall. The shear fallure of second story columns triggers the shear fallure of columns in
upper stories. The redistribution of forces after shear failure of these columns results in an
increase in lateral drift and causes flexural yielding of the wall at the base. Falilure of the wall
- frame system is caused by fracture of the longitudinal reinforcement at the base of one of
the walls at a drift which Is essentially 4 times as high as that of the original structure (see
Fig. 6.48). The main advantage of scheme W1 Is not in an increased stiffness or strength,
but rather in the increase of the deformation capabilities of the wall-frame system. The
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presence of the walls restrains lateral drifts and prevents the sudden collapse of the
structure observed for the original building upon shear failure of columns. Instead, the walls
carry the additional shear forces from the failing columns and reach a more ductile flexural
failure.

Wall scheme W2, on the other hand, provides a significant increase In stiffness and
strength to the building. The increase in strength is as much as four times that of the
original structure. Column shear failure occurs after yielding the longitudinal reinforcement
in boundary elements, but prior to reaching ultimate strength of the wall. Fallure of the wall
Is caused by fracture of the longitudinal reinforcement in the boundary elements. Unlike
scheme W1, ultimate strength of the wall - frame structure is reached at drifts that are
comparable to those at failure of the original structure. Note that shear failure of columns
does not result in a significant deterioration of the lateral stiffness or strength of the building,
because most of the stiffness and strength of the wall-frame system is provided primarily by
the structural wall.

Fig. 6.48 also shows that the stiffness and strength of wall scheme W2 are quite
similar to those of the X-bracing configuration TS2. At the same time, configuration C4B
with post-tensioned rods has a lateral stiffness and strength that are only slightly smaller
than those of wall scheme W2. Both steel bracing configurations, C4B and TS2, provide a
much larger stiffness and strength than those of wall scheme W1.

For comparison, the base shear coefficient for a dual system consisting of a IMRSF
capable of resisting at least 25% of the lateral forces and a reinforced concrete structural
(shear) wall, as required by the provisions of the ATC - 22 is shown in Fig. 6.48. With wall
scheme W1, column shear failure precedes flexural yielding of the wall. Therefore, it
seemed appropriate to adopt response modification factors for brittle elements to compute
the coefficient for this scheme. In contrast, with scheme W2 flexural yielding precedes
column shear fallure and thus a more ductile mode of failure Is expected. Thus, modification
factors comresponding to semi-ductile elements were adopted in the calculations.

The building under study does not satisfy the requirement of a IMRSF (ATC-22 does
not include provisions for a structural wall with an OMRSF); howaever, it Is reasonable to
assume that the requirements of strength for a structural wall and an IMRSF are a lower
bound for the strength required for a wall with an OMRSF. As can be seen, scheme W1
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does not meet the lower bound for strength required by ATC-22. In fact, the required
strength is several times larger than the estimated ultimate strength of scheme W1. On the
other hand, ultimate strength of wall scheme W2 exceeds that required by ATC-22. A
discussion of these results Is presented later in Chapter ViI.

6.3.4.2 Dynamic Response Analysis
Dynamic Properties

The fundamental period of vibration for the original and the braced structures
with walls on firm and soft soll sites are presented in Table 6.10. Values for the period of
the wall - frame system correspond to cracked propertles of the walls in all cases. The
reductions in the fundamental period of vibration of the structure are apparent. As expected,
due to larger Initial stiffness, the reductions in the fundamental period for wall scheme W2
are much larger than those for wall scheme W1, Similar to the results obtained for the
three-story building, the addition of mass due to the self-weight the wall has only a minor
influence in the period of the building.

For wall scheme W1, the lengthening in fundamental period of vibration of the
building on soft soils is only moderate. Consequently, effective damping ratios are only
slightly higher than the 2% damping ratio assumed for a fixed-base system. Note that for
wall scheme W1 located on the San Francisco bay mud, calculated effective damping ratio
is higher than that for the same building on the clays of Mexico City, even though the
lengthening in period for the bullding on the San Francisco bay mud is smaller. The reason
for this result is the higher hysteretic damping ratio assumed for the San Francisco bay mud
(see Table 3.1). With wall scheme W2, period lengthening ratios (T / T) are larger than with
wall scheme W1, and higher effective damping values are obtained as shown in Table 6.10.

Dynamic Response

Maximum inter-story drifts obtained for wall schemes W1 and W2 for the records on
firm soil sites are presented in Fig. 6.49. For the Californian earthquakes, scaled El Centro
and Corralitos records, maximum drifts are larger with scheme W1 than those obtained with
scheme W2. However, lateral deformations remain below 1% drift with both wall schemes
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Table 8.10 Dynamic properties of the original and braced buildings with

a structural wall.
Fundamental Pedod (s:ac)
[Effective Damping]
Soil Type
Building Fm Soft
Siity Clay Deposits | San Francisco Bay Mud
(Mexico City) {Califomia)
Case §§
Original 352 3.63 360
[20%] [23%] [26%]
Wall Scheme W1 264t 279t 2741
[20%] [25%] [28%])
Wall Scheme W2 1221 152t 1441
[20%] [40%] [37%]

* values are based on a h'/r ratio of 1.57 in accordance with the dimensions assumed for the
foundation
t shown values correspond to cracked wall at the base.

in all cases. Column shear failure is eliminated with both wall schemes in all three records.
Also, in both schemes, walls reach cracking over most of the height of the building, but they
never reach yielding during the response. Inelastic behavior in frame members Is restricted
to flexural hinging in some of the spandrels; column hinging is prevented with both wall
schemes.

For the records on soft soll sites, the response of the building varies significantly
with each wall scheme. In Fig. 6.50, maximum inter-story drifts for wall schemes W1 and
W2 subjected to the records on soft soil sites are compared. For the Mexico City - SCT1
record and wall scheme W1, maximum drifts reach about 1.5% in the upper stories of the
building; however, column shear failure is prevented in all stories. In spandrels, pull-out of
bottom reinforcement is anticipated in most beams with significant hinge rotation. Walls
develop cracking throughout the height of the building, but they never reach ylelding. With
wall scheme W2, on the other hand, the response of the building is amplified and significant
damage Is expected for the existing members. Shear failure of columns and spandrels, as
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Figure 6.49  Maximum inter-story drifts for the braced building with wall schemes W1 &
W2 subjected to the records on firm soll sites (scaled El Centro, Corralitos
& Viiia del Mar).
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Figure 8&5¢  Maximum inter-story drift ratios for the wall - frame building subjected to the
records on soft soil sites (Mexico City - SCT1 & Oakland (OHW)).

well as anchorage fallure of bottom beam bars are observed in almost every floor level. In
addition, and most important, the wall reaches its estimated flexural capacity by fracture of
the longitudinal reinforcement in the boundary elements at the base. As a result, maximum
inter-story drifts approach 2% in the first and second story, and due to the severe damage
expected for the columns and the wall, partial collapse of the building is likely to occur.

For the Oakland record, maximum inter-story drifts remain below 1% and shear
failure in columns and beams Is prevented In all stories with both wall schemes. Walls
develop cracking, but never reach ylelding. Hinging is predicted only in beams with minor
Inelastic behavior.
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Performance of Structural Wall System

Evaluation of the maximum inter-story drifts shows that wall scheme W1 is the most
effective for controlling the response of the building on both firm and soft soil sites. From
all the earthquake records considered in this study, the Mexico City - SCT1 record imposed
the largest demands of strength and ductility on the wall - frame system. Thus, to examine
the performance of the reinforced concrete members, the resuits obtained for wall scheme
W1 subjected to the Mexico City - SCT1 record will be discussed In detail.

Performance of Reinforced Concrete Members

In Fig. 6.51, the profile of plastic hinges developed in columns and beams of
perimeter frames during the response to the Mexico City - SCT1 record is presented. Also
shown In the figure Is the hinge rotation for "positive” moment in beams as a fraction of the
rotation at failure in bond of bottom bars. Hinge rotations for negative moment were
minimal (8 ... / © y <11 ). As indicated earller, flexural yielding of the wall is not
anticipated, but rather extensive cracking of the wall throughout the height of the bullding.
In Fig. 6.51, a possible crack pattern that could develop in the walls under the Mexico City -

SCT1 record is Indicated. The reader is cautioned to interpret the crack pattern
qualitatively, even though the pattern was estimated from the magnitude of the moments and
shear forces obtained at different levels of the wall.

Shear failure is prevented in columns and beams throughout the height of the
building. Inelastic behavior Is limited to hinging of the frame members and to cracking of
the wall. As bending moments are maxima in the lower stories of the bullding, flexural
cracking at the base of the wall Is significant and Is gradually reduced with height, as
suggested in Fig. 6.51. In addition, maximum shear forces in the lower stories exceed the
shear strength corresponding to flexure-shear cracking of the walls, and therefore diagonal
cracking is anticipated. The magnitude of the shear forces at the base of the wall are
moderate and approach only 57% of the estimated shear capacity of the wall. Web shear
stresses at the wall base reach only 30% of the maximum recommended values for hinging
regions 4. Shear behavior of the wall is adequate.

In beams, plastic hinges develop throughout the height of the building, and are
primarily due to the anchorage failure of bottom reinforcement. Pull-out of bottom



245

Scheme W1 - Mexico City - SCT1

Q Hinge in only one direction of bending
@ Hinge in both dirsctions of bendiing

Figure 8.51  Hinge location for perimeter frames of the wall - frame system (Numbers
indicate the hinge rotation for “positive” moment as a fraction of the rotation
at failure in bond of bottom beam bars)

reinforcement is observed in all beams, with large hinge rotations and significant reductions
in strength (see Fig. 6.51 and 4.16). In columns, plastic hinges only develop in the Sth to
12th story. However, hinge rotations are minimal and do not exceed 1.1 times the rotation
at ylelding of the sections.

The performance of the wall scheme W1 for the rest of the records considered in
this study was better. Walls reached flexural cracking at the base, but they never reached
flexural yielding. Plastic hinges developed only in spandrels (not in columns) with smaller
hinge rotations than those ant}clpated for the Mexico City - SCT1 record.
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6.3.4.3 Summary

The addition of structural walls to perimeter frames was examined as a possible
retrofit strategy for the twelve-story building. Two wall schemes with distinct levels of
stiffness and strength were investigated, namely W1 and W2,

For the records measured on firm solls, both wall schemes were able to protect the
building from collapse and to prevent severe damage of the existing members in the
structure. Furtharmore, maximum inter-story drifts remained below 1% and column shear
failure was prevented in all stories with both wall schemes. Walls reached cracking, but
never developed flexural yielding.

For the records on soft soils, the response of the wall schemes varied depending
on the earthquake record considered. For the Oakland record, both wall schemes Improved
the response of the building, and exhibited a level of performance that was very similar to
that observed for the records on firm soll sites. However, for the Mexico City - SCT1 record,
only one wall scheme was able to protect the building from collapse (scheme W1). Even
though significant damage was anticipated in the hinging regions of spandrels with scheme
W1, walls reached cracking only and never developed yielding. Shear failure of columns or
beams was not anticipated. On the other hand, the response of the building with wall
scheme W2 was inadequate. Column shear failure and flexural failure of the wall was
anticipated during the response. Maximum inter-story drifts approached 2% in the lower
stories of the building, and because of the high level of damage expected for columns and
walls, partial collapse of the building Is likely to occur.
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6.4 PROTOTYPE STRUCTURE Ill - SEVEN-STORY BUILDING

Analyses of the original and retrofit buildings were conducted only in the longitudinal
direction of the building, as lateral strength in the transverse direction was assumed to be
adequate.

§.4.1 Original Building

6.4.1.1 Dynamic Response Analysis

Reinforcing details and, lateral stiffness and strength characteristics of the original
building were presented in section 4.4. Table 6.11 shows the fundamental periods of
vibration and the effective damping ratios of the building for the different types of soil
conditions selected for study. For firm soil conditions, effective damping was selected as
2% of critical in all cases as Indicated in Chapter lll. For soft soil conditions, effective
damping of the soil-structure system was determined using the procedure outlined in
section 3.3.

Table 6.11 Dynamic properties of Seven-Story building (short direction).

Fundamental Perod (s:c)
[Effective Damping]
Soil Type
Building Am Soft
Silty Clay San Francisco Bay Mud
Deposits (Califomia)
G Case i
Original 0.62 071 0.69
[20%] [53%] [60%]

* values were based on a h'/r ratio of 0.60 in accordance with the dimensions
of the foundation.

As can be seen from Table 6.11, the fixed-base period of the building Is relatively
short for a building of a seven story height (values shown in Table 6.11 are based on
cracked properties for the reinforced concrete elements). The latter result Is primarily due
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to the deep spandrel beams of perimeter frames (see Figs. 4.20 and 4.21), which Increase
the lateral stiffness of the building significantly.

The lengthening in the fundamental period of the building located on soft soil sites
is moderate (T/T max * 1.15 for the building on clay deposits of Mexico City), but because
of the relatively low effective height to radius of foundation ratio (h'/r = 0.60, squat
structure) the foundation damping ratio is high (see Fig. 3.15). As a result, the calculated
effective damping ratios for the buildings located on soft solls are much higher than those
assumed for the fixed-base building.

For the structure supported on the San Francisco bay mud, only one case (Case ll)
Is presented for study. However, the overall results presented herein correspond, in general,
to the most unfavorable situation, and differ little from the results obtained for the structure
supported on soil Case | (see Table 3.1) or on a fixed-base.

Dynamic Response

Building R nse on Firm Soil Sit

In Fig. 6.52, the maximum inter-story drifts obtained for the original building
subjected to the records on firm soils are presented. As can be seen, inter-story drifts in
excess of 4% are obtained in some stories during the response and collapse of the building
Is anticipated for the three records considered. For the Californian records, scaled El Centro
and Corralitos, shear failure begins in the columns of the first story and propagates to the
second and third stories. For the Vifia del Mar record, however, shear failure begins and
concentrates in the third and fourth story. The columns of the first and second story show
no signs of failure in the latter case. In all the three cases, collapse of the building is
produced by the generalized shear failure of columns in a given story (stories).

As indicated in Chapter IV, the primary load resisting system is a moment frame with
deep spandrel beams and short columns (Figs. 4.20 and 4.21). Because of the low shear
strength of columns, failure of these members occur at a relatively small lateral loads (drifts).
Neither beams nor columns reach yielding at the ends prior to shear failure of columns and
therefore the behavior of the building is brittle with no energy dissipation.
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Figure 6.52 Maximum Inter-story drift ratios for the original building subjected to the
records on firm soil sites. (Scaled E! Centro, Corralitos and Vifia del Mar)

Building R n. n Soft Soil Sit

Maximum inter-story drift ratios obtained for the original structure subjected to the
two records on soft soil conditions are presented in Fig. 6.53. The drift values shown take
due account of the lateral displacement and rocking motion of the foundation and
correspond to the actual inter-story drift experienced by the building (A in Fig. 3.13).
Because the structure Is relatively squat, rocking motion of the foundation was negligible.

Similar to the results obtained for the structure subjected to the records on firm soil
sites, inter-story drifts exceed 4% in some stories. Clearly, the original building would not
have survived any of the records on soft soils. As above, collapse of the building is due to
the generalized shear failure of the columns in a given story (or stories). The characteristics
of both records on soft soils, Mexico City - SCT1 and Oakland, are such that shear failure
of columns initiates in the second story, and not in the first story as anticipated for the
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Figure 6.53 Maximum inter-story drift ratios for the original building subjected to the
ground motion on soft soil sites. (Mexico City - SCT1 and QOakland)

scaled El Centro and Corralitos records above. First story columns do not exhibit shear
failure and therefore inter-story drifts in the first story are minimal. As above, the behavior
of the building is brittle without dissipation of energy.

6.4.1.2 Summary

The behavior of the original building for all of the earthquake records on firm and
soft soils is inadequate. Collapse of the structure is anticipated for all the records. Failure
is attributed to the generalized and premature shear failure of the columns in a given floor.
The building exhibits brittle behavior and has no ability to dissipate energy. The need for
seismic retrofit of the building is apparent.

6.4.2 Retrofit Scheme | - Post-Tensioned Bracing Systems

Evaluation of the post-tensioned bracing system considered several different
configuration patterns and size of braces. Fig. 6.54 shows three of the configuration
patterns considered for study. Brace size and brace distribution with height is presented in
Table 6.12. In all cases, brace size was selected so that story stiffness and strength was
either uniform or gradually reduced with the height of the building. Configuration patterns,
brace size and brace distribution presented herein correspond to the minimum amount of
bracing required to improve the response of the bullding. Lighter bracing schemes; i.e.
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C3

Figure 6.54 Bracing configurations for the seven-story building with post-tensioned
bracing system. (perimeter frames only)
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Table 6.12 Size and distribution of braces for configurations C1, C2 and C3.
(Seven-story building)

Brace Size
Story Level [ Area (in?) ]
Ci c2 c3
2™ 45 Roof 2-13/8" ¢ rods 3-11/4"¢ rods 3-11/4° ¢ rods
[3.16] (3.75] [(375]
13 3-11/4" ¢ rods 3-13/8" ¢ rods 3-13/8" rods
[375] [474] [474]

fewer braced bays and/or smaller brace size did not result in significant improvement of the
behavior of the building.

Because of the large number of braced bays with all three configurations (7 to 8
braced bays), exterior columns are expected to be subjected to high bending moments and
shear forces upon initial brace prestressing. Thus, the selection of an appropriate
configuration becomes crucial for minimizing the forces induced in the existing elements.

In Fig. 6.55, the distribution of bending moments in columns with scheme C1 with
an initial brace prestressing of 50% of the yield strength is presented. As expected,
maximum bending moments (and shear forces) increase from interior to outer columns. Be-
cause outer bays are not braced with scheme C1, internal forces induced in exterior
columns (column lines 11 and 22), show a reduction in the induced forces. Maximum
bending moments occur in the first story columns of column lines 12 and 21. In these
members, bending moments reach 65% of the moment capacity of the splice at the base,
and shear forces approach 70% of the shear strength of the columns. If an initial brace
prestressing of 75% of the brace yield strength were provided with scheme Ci, the
aforementioned columns would fail in shear due to brace prestressing alone (similar results
would be obtained with bracing scheme C2). The use of a post-tensioned bracing system
with configuration C1 jeopardizes the integrity of the existing structure upon prestressing of
braces, and it is dangerous and inefficient. Even though a lower level of initlal brace
prestressing could be used (which Is undesirable from an energy dissipation standpoint),
column shear failure would occur prior to ylelding of braces. Such a behavior Is undesirable
because it would not allow the bracing system to dissipate energy prior to column shear
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Figure 6.55 Effects of initial brace prestressing on the bending moment distribution in
perimeter frame columns. Braced structure, scheme C1 with initial brace
prestressing of 50% of brace vyield strength.

failure during the response to the earthquake. Therefore, unless the bracing system
provides significant lateral restraint to limit inter-story drifts without yielding of braces,
column shear failure would not be prevented and collapse of the structure would most likely
occur. Indeed, such was the behavior of configurations C1 and C2. Both bracing
configurations failed to prevent column shear failure for all the records considered in the
present study. Furthermore, following the generalized shear failure of the columns, schemes
C1 and C2 were unable to limit lateral drifts, with maximum inter-story drifts that exceeded
4%, and failed to protect the structure from collapse.

Unlike schemes C1 and C2, first story columns do not fall in shear with scheme C3
when braces are initially prestressed to 75% of the brace yield strength. Notice that the
distribution and size of braces with scheme C2 is the same as those of scheme C3 (see
Table 6.11). However, the latter configuration provides a more uniform distribution of forces
within the existing members, which eliminates the shear failure of columns upon prestressing
of braces. Induced forces are still quite high with configuration C3; in first story columns
(column lines 12 and 21) bending moments approach 70% of splice capacity at the base
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and shear forces reach 75% of the shear strength. As above, the level of induced forces will
likely cause extensive cracking in first story columns and jeopardize the integrity of the
structure. It is clear that because of the level of induced forces, the size of braces Is cannot
be increased further.

Alternatively, the latter elements could be strengthened with a steel or reinforced
concrete jacketing to reduce the relative force/strength ratio induced in the members prior
to initial prestressing. However, such alternative seems unfeasible unless the post-tensioned
bracing system shows significant improvements in the response of the bullding to warrant
the strengthening of the elements. Thus, to examine the adequacy of the post-tensioned
bracing system for the present structure, the behavior of only scheme C3 is presented in
detail in the following sectlons.

6.4.2.1 Lateral Stiffness and Strength

In Fig. 6.56, the relationships for the base shear coefficient and the drift at the
centroid of inertia forces for the existing and the braced building with scheme C3 are
compared. In this figure, the relationships have been obtained using a uniform lateral load
distribution over the height of the building. As can be seen, the increase in the initial
stiffness provided by scheme C3 is moderate. Because of the high Initial shear forces
induced In first story columns upon initial brace prestressing, column shear failure begins
at a smaller lateral load and drift than those observed for the original structure. At a drift of
about 0.075%, there is an abrupt Increase in lateral drift with almost no increase in lateral
load. The reason for this behavior is that several columns fall in shear almost simultaneously
at that drift level. Thus, according to the modsei used for member shear failure (see
Chapter lll), the forces carried by the failing elementsbare suddenly transferred to the
remaining, more flexible, structure, almost as a shock loading.

Yielding of braces begins at a drift of about 0.18%. At this load level, almost 60%
of the columns have already failed in shear. The remaining lateral stiffness and strength is
thus dominated by the post-tensioned bracing system. Further increase In lateral load
causes the shear failure of the remaining columns of the structure and the yielding of many
braces. In Fig. 6.56, the lateral load and drift relationship for scheme C3 is terminated at a
drift at the centroid of inertia forces of about 0.72%, which corresponds to a lateral drift of
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Figure 6.56 Base shear coefficient and drift at centroid of inertia forces relationship for
the seven-story building. Original and braced structure with post-tensioned
steel rods (scheme C3).

1% in the first story. At that drift level, more than 95% of the columns have failed In shear
and braces have yielded in the first four stories of the building. In addition, braces which
shorten have begun to sag in the first story. Even though the frame could carry further
lateral loading through the resistance of the braces that remain elastic, the damage induced
in the existing building Is extensive and such behavior is considered terminal.

The results presented above suggest that the post-tensioned bracing may be
detrimental rather than beneficial for the behavior of the building. With the addition of the
post-tensioned bracing system, column shear failure is expedited rather than delayed.
However, lateral strength at first ylelding of braces is almost twice as that of the original
structure. Since lateral drifts at first yielding of braces are small (less than 0.2%), it is
reasonable to assume that columns would be able to maintain their axlal load carrying
capacity at such drift. Clearly, lateral resistance of the building would rely almost exclusively
on the post-tensioned bracing system at that stage.



256

As indicated earlier, some columns could be strengthened prior to initial prestressing
of braces to avoid an early column shear failure, provided that the bracing system were able
to restrain lateral drifts. Based on the results obtained from the lateral load analyses
discussed above, the drift at first yielding of braces is a reasonable drift limit criterion for the
braced structure (at this load stage inter-story drifts are of the same magnitude as that of
the drift at centroid of inertia forces). Thus, the post-tensioned bracing system would be
considered a viable retrofit scheme only if lateral drifts obtained for the selected ground
motions are limited to that corresponding to first yielding of braces. Notice that under this
criterion, column shear In not prevented and is expected to occur in many columns. Also,
the behavior of braces within the 0.2% drift is expected to be in the elastic range.

Also shown in Fig. 6.56 are the base shear coefficients required by ATC-22 for an
OMRSF and for a dual system consisting of a CBF with an IMRSF capable of resisting 25%
of the lateral loads. Brittle elements were assumed in estimating the coefficlents shown in
the figure. As discussed In previous sections, response modification factors embodied in
the recommendations of ATC-22 for braced frames are intended for concentric bracing
systems with structural steel sections, which are not considered appropriate for the
evaluation of post-tensioned bracing systems. Also, the building under study does not
correspond to an IMRSF, but rather to an OMRSF (ATC-22 does not include provisions for
a CBF and an OMRSF). However, it is reasonable to assume that the required lateral
resistance for a CBF with an IMRSF Is a lower bound for the strength required for an
OMRSF with a post-tensioned bracing system. Based on these premises, ultimate strength
of the braced structure as defined above (resistance at first yielding of braces) Is well below
the lower bound implied by ATC-22, which would suggest that the resistance provided by
the bracing system will be inadequate to resist the earthquake forces. Implications of the
latter result will be discussed in Chapter VII.

6.4.2.2 Dynamic Response Analysis

Dynamic Properties

Table 6.13 shows the fundamental periods of vibration and the effective damping
ratios for the original and braced structure corresponding to the different types of soll sites
selected for study. For the braced bullding (scheme C3) on firm solls, the reductions in the
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fundamental period of the building are significant. Note that the lengthening in the period
of the braced building on soft sails is only minimal (T/T max = 1.03 for the clays of Mexico
City), and consequently effective damping ratios of the system are similar to those of the
building on firm soils.

For the buildings located on soft sail sites, the reductions in the fundamental period
will probably result in lower strength and displacement demands, as suggested by the
response spectra shown In Figs. 4.27 and 4.29. For the buildings located on firm soll sites,
however, strength demands could increase; decrease or remain the same depending on the
earthquake record considered (see Fig. 4.26). On the other hand, displacement demands
are expected to be reduced in all cases (Fig. 4.28).

Table 6.13 Dynamic properties of the original and braced building
with post-tensioned steel rods. (Seven-Story Building)

Fundamental Period (s:c)
[Effective Damping]
Soil Type
Building Firm Soft
Silty Clay San Francisco
Deposits Bay Mud
(Mexico City) (California)
Case i
Original 0.62 0.71 0.69
[20%] [53%] [60%]
Config. C3 0.44 0.46 045
[20% ] [21%]) [21%]

* values are based on a h'/r ratio of 0.60 in accordance with the dimensions
of the foundation.

Dynamic Response

Maximum inter-story drift ratios for the braced building with scheme C3 obtained for
the ground motions on firm and soft soll sites are presented in Figs. 6.57 and 6.58,
respectively. The results presented for the building located on soft soils take due account
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Figure 6.57 Maximum inter-story drift ratios for the braced building (scheme C3) subjected
to the records measured on firm soil sites.

- Mexico City - SCT1 -

STORY LEVEL

- N W s O

INTER - STORY DRIFT (%)

2 3 4

2

INTER - STORY DRIFT (%)

Figure 6.58 Maximum inter-story drift ratios for the braced building (scheme C3) subjected
to the records measured on soft soil sites.
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of the rocking motion of the foundation and correspond to the actual inter-story drifts for the
building. In any case, rocking of the foundation was negligible in all cases studied.

Overall, inter-story drifts were significantly reduced with respect to those obtained
for the original non-braced bullding. For the records on firm soils (Fig. 6.57), maximum
inter-story drifts exceed the drift limit criterion established earier for scheme C3 (A < 0.2%).
The largest demands are imposed by the Viiia dei Mar record, with drifts in the first and
third story in the order of 2%, which would likely cause the building to collapse.

For the records on soft soils, the response of the building Is better than that
observed for the records on firm soils, probably because of the reduced strength demands
of the former records. Maximum inter-story drifts remain below 1% in all stories for both
records. For the Oakland record however, drifts exceed the drift limit of 0.2% in most
stories, and therefore a high level of damage is expected. On the other hand, for the
Mexico City - SCT1 record, inter-story drifts remain in the order of 0.2%, except In the first
story where lateral drift reach about 0.45%.

Performance of Post-tensioned Bracing System

The results presented above indicate that while the bracing system was able to
reduce the response of the building, lateral drifts of the braced structure exceeded the drift
limit criterion established for the building. The performance obtained for the Mexico City -
SCT1 record Is, perhaps, the only case in which the use of the post-tensioned bracing
system Is justified for the structure under study. Following is a general evaluation of the
performance of the reinforced concrete elements and braces for the cases studied.

Performan f Reinfor ncrete Mem

Column shear failure is observed in many columns for all the records considered
in this study. For the three records on firm soil sites and for the Oakland record, column
shear failure occurred in all columns. For the Mexico City - SCT1 record, column shear
failure is observed in 77% of the columns, and is primarily concentrated in the lower stories
of the building.
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Because column shear failure develops in many columns and at rather small inter-
story drifts (low level of lateral forces), beam hinging or column hinging Is almost non-
existent in the structure. Beams hinging is not observed in any of the cases studled, and
column hinging occurs only at the base of exterior columns.

Axial forces in columns are quite high in general and exceed the axial compression
and tension capacity of many columns in the structure for most of the records considered.
An extreme case corresponds to the Viiia del Mar record, where the axial compressive
forces in the exterior columns of the first story exceed the compression capacity by a factor
of about 2. Tensile forces are even more critical, maximum forces are about 5 times larger
than the anticipated tension capacity. On the other hand, axial forces obtained for the
Mexico City - SCT1 record remain within the axial capacity of columns. Maximum
compressive forces in exterior columns remain high and reach about 76% of the
compression capacity in the first floor, and in interior columns compressive forces reach
48% of the capacity in compression. Axial tension In columns is not developed during the
response to the Mexico City - SCT1 record.

In beams, axial forces are smaller in magnitude than those developed in columns,
and because of the relatively large cross section of the spandrels, maximum axial
compressive forces represent only 48% of the capacity in pure compression, even for the
largest demands (Viiia del Mar record). Tensile forces develop in only a few spandrels and
in some cases exceed the capacity in pure tension, even for the smallest demands (Mexico
City - SCT1 record). The latter result suggests that steel collector elements will be required
to augment the tensile capacity of columns and spandrels.

Performan f Steel Rod B

The behavior of braces Is largely inadequate for the records on firm soil sites and
for the Oakland record. Fbr the Vifia del Mar record (largest demands), braces yield
extensively in all but in the top story of the building. Plastic deformations in the braces of
the first and third story exceed the maximum allowable. Therefore, braces lose the prestress
force completely. Also, a large number of braces become slack during the respanse to the
event. Overall, braces are expected to suffer extensive damage and most likely would not
safeguard the building against collapse when subjected to the records indicated above.
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Figure 6.59 Distribution of inelastic response of braces with scheme C3 for the Mexico City
- SCT1 record.

For the Mexico City - SCT1 record, the performance of braces is satisfactory. In Fig
6.59, the distribution of inelastic behavior in the braces with scheme C3 during the Mexico
City - SCT1 record is presented. As can be seen, except for two braces in the first story,
braces remain within the elastic range during the response to the earthquake record. In
addition, braces that reach yielding during the response show minimal plastic elongations,
with residual prestress forces that are 72% of the brace yield strength or higher. Based on
the adequate performance of braces and the small lateral drifts, bracing scheme C3
represents a feasible retrofit alternative for the building for Mexico City. The latter case is
the only case where the use of the post-tensioned bracing system is warranted.

6.4.2.3 Summary

Several post-tensioned bracing configurations with different size of braces were
studied as possible retrofit schemes for the seven-story building. Because of the large
number of braced bays required to stiffen and to strengthen the building, bending moments
and shear forces induced in columns of the first story upon initial brace prestressing were
quite high. Depending on the bracing configuration and on the level of initial prestress
(typically 50% of the brace yield strength or higher), induced forces reached 70% or a higher
percentage of the capacity of the member. In some cases, induced forces were so high that
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column shear failure would be reached upon initial prestressing of braces. By selecting an
appropriate configuration for the bracing system, it was possible to reduce the level of
induced forces in existing elements. However, the level of forces was still quite high and
significant cracking of columns could be generated. The latter result may be detrimental
from a serviceability standpoint.

From the configurations studied, only one configuration, C3, was considered to be
a feasible retrofit scheme. The level of induced forces was still quite high with this scheme,
but it allowed the use of an initial prestress level of 75% of the brace yield strength.
Because of the high levet of forces induced in existing elements, static lateral load analyses
indicated that coldmn shear failure in the braced frame would begin at smaller load and drift
levels than those expected for the original non-braced structure. Despite the early failure
of columns, first yielding of braces began at load and drift levels larger than those
corresponding to the ultimate strength for the bare frame. Thus, the use of scheme C3 was
considered as a feasible alternative provided that lateral drift obtained for the selected
ground motions did not exceed the drift at first yielding of braces.

The results from dynamic analyses indicated that the post-tensioned bracing scheme
was unable to meet the drift limit criterion established for all the records on firm soil sites
and for the Oakland record on soft soils. Column shear failure was observed in most of the
columns in the structure and many braces yielded and lost prestress completely. Significant
damage was expected for the existing members and the braces. The performance of the
bracing system was Inadequate and in most cases failed to protect the bullding from
collapse.

On the other hand, the pedomancé of bracing scheme C3 for the Mexico City -
SCT1 record was satisfactory. Even though a large number of columns were expected to
fail in shear, maximum inter-story drifts met, in general, the drift limit criterion established for
the system. Furthermore, apart from two braces In the first story, braces remained elastic
during the entire response to the earthquake. However, as discussed earlier, because of the
large forces induced upon brace prestressing, the bracing system would not prevent the
shear failure of most columns. To improve the performance level of the retrofit structure,
columns can be encased with steel jackets that will enhance the shear capacity and the
deformation capabillities of the members. Also, steel collector members are required to
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enhance the compression capacity of exterior columns and the tensile capacity of a few
spandrel beams. Tensile forces were not anticipated in columns.

6.4.3 Retrofit Scheme Il - X-Bracing (Structural Steel Braces)

Two bracing schemes were selected for evaluating the response of structural steel
braces, namely TSt and TS2 as shown in Fig. 6.60. The configuration of both schemes
(TS1 and TS2) consisted of two story high X-bracing over eight bays of the perimeter
frames, except at the top story where diagonal bracing was provided. The two story X-
bracing configuration was adopted after a similar retrofit design that was tested 3" and used
as a retrofit scheme for an existing building *2. Such bracing configuration avoids the
problems associated with chevron bracing (or inverted V-bracing) and limits the unbraced
lengths of the braces. It should be noticed that in the X-bracing scheme tested previously *'
and used for the retrofit of an existing building, braces were connected at the beam-column
joint and at mid-span of spandrels with fixed-end connections. While the latter connection
type would allow the use of a lower K factor and thus larger buckiing load for the first cycle,
it has been observed that buckling of the brace may cause local connection failure. The
latter failure can be caused by excessive rotation at the brace ends and/or by substandard
welds %', which under load reversals will prevent the brace to reach the anticipated load
capacity in compression and most important in tension. In the present study, braces were
assumed to be connected with pinned-end connections, which avold the problems
associated with fixed-end connections mentioned above and provide a lower bound to the

performance of the bracing system.

Braces consisted of tubular sections, and were, in general, selected to meet the
slenderness requirements for seismic ones ( KL/r < 720//T ') of the Load and Resistance
Factor Design manual (LRFD)*. Also, tube sections followed the specifications for the flat
width to thickness ratio of the LRFD manual (b/t, = 110 /\/7—,). Brace size and
distribution of braces for both bracing schemes are presented in Table 6.14. Bracing
scheme TS1 corresponds to the smallest brace size that would meet the requirements for
slenderness and for flat width to thickness ratios of the LRFD. At the top story, however,
braces would not meet the slenderness requirements mentioned above, but this is
unimportant because braces are nat expected to yield or to buckle in that story.
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Figure 6.60 Bracing configuration pattern for the seven-story building with structural steel
braces. (perimeter frames only)

Table 6.14 Size and distribution of braces for schemes TSt

and TS2. (Seven-story building)

Brace Size
Story Level [ Area (n?) ]
TS1 TS2
All Stories TS5x5x 1/4 TS10x 10x1/2
[459] [18.40]

Bracing scheme TS2 was designed to meet the demands imposed by the ground
motion selected for study, and has a much higher level of stiffness and strength. In both
bracing configurations, brace size was selected to provide a uniform distribution of lateral
stiffness and strength throughout the height of the building. The resulting slenderness ratios
of braces varled from 91 for scheme TS1 to 45 for scheme TS2. Effective langth of braces
was considered equal to the unbraced length (K=1), a value that Is consistent with the

pinned-end connections assumed for the braces. Yield strength of tubular sections was

46 ksi In all cases.
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6.4.3.1 Lateral Stiffness and Strength

In Fig. 6.61, the relationships for the base shear coefficient and drift at the centroid
of inertia forces for the original building and the braced structures are compared. Also
shown in this figure is the relationship for the post-tensioned bracing system obtained with
scheme C3 with braces initially prestressed to 75% of the yield strength. The relationships
shown were obtained using a uniform lateral load distribution over the height of the building.

Configuration TS1, which has the smallest brace allowed by the specifications of
LRFD, has approximately the same Initial stiffness as that of configuration C3. The similar
initial stiffness of these two bracing schemes provide a basis of comparison for the two
bracing systems without including the changes in the dynamic response due to different
periods of vibration of the bulldings. Because of the lower yleld strength of the tubular
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Figure 6.61 Base shear coefficient and drift at centroid of inertia force relationship for
the seven-story building. Original and braced structure with configurations
TS1, TS2, and C3.
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sections, ultimate strength of bracing configuration TS1 is smaller than that of configuration
C3. Bracing configuration TS2 has both higher Initial stiffness and ultimate strength than
configuration C3.

With bracing scheme TS1, shear failure of columns begins a load level that is almost
twice of that carried by the original bare frame. Lateral drift at the initiation of column shear
failure is similar for the braced (TS1) and original frame. Following the failure of columns
in shear, there is an abrupt increase in lateral drift in the braced building. The reason for
such behavior Is that several columns fail in shear almost simultaneously at about the same
drift level. Consequently, according to the model used for shear behavior (Chapter lll), the
forces carried by the failing elements are suddenly transferred to the rest of the structure
and cause a large increase in the lateral displacement with no appreciably increase in lateral
load. Due to this sudden redistribution of forces, braces in compression begin to buckle
immediately after the onset of shear failure of columns in shear, as shown in Fig. 6.61.
Further increase in lateral load results in the failure in shear of the remaining columns and
in the buckling of the rest of the braces in compression which produce a continuous and
gradual reduction in the lateral stiffness of the braced structure. Yielding of braces begins
at a drift level of about 0.2% and occurs almost simultaneously in many braces. Soon after
this event the building reaches its peak strength. Notice the similitude in the lateral load
relationship of bracing schemes TS1 and C3 up to the 0.2% drift lavel.

With bracing configuration TS2, the increase in lateral stiffness with respect to that
of the original building is substantial. Column shear failure begins at much higher load than
that carried by the bare frame (about 5 times greater) but a similar lateral drift, in
accordance with the higher initial stiffness of the building. Unlike the behavior observed for
schemes TS1 or C3, the shear failure of columns has only a minimal impact on the lateral
drift of the building, as shown in Fig. 6.61. The reason Is that the bracing system carries
most of the lateral load applied to the structure and the shear forces carried by the existing
columns represent only a small fraction of the total lateral load. Thus, failure of the columns
in shear requires relatively small force redistributions which result In minor increases in
lateral displacements. Buckling of braces begins at a drift level of about 0.2%. Similar to
the results obtained for scheme TS1, the sequential buckling of braces results in a gradual
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reduction of the lateral stiffness of the building. Finally, at a drift of about 0.24% tension
braces begin to yield and soon thereafter the building reaches its peak lateral load capacity.

Because of the low shear capacity and relatively high stiffness of the columns (short
column), ylelding of braces begins only after the shear failure of most of the columns in the
building with both bracing schemes (TS1 and TS2). Such behavior Is undesired because
braces cannot dissipate energy prior to failure of the columns in shear. As result, significant
damage of columns can be expected unless the bracing system is able to limit lateral
deformations below the lateral drift associated to column shear failure.

Also shown In Fig. 6.61 are the base shear coefficients required by the ATC-22 for
an OMRSF and for a dual system consisting of a CBF with and IMRSF capable of resisting
25% of the lateral loads. The coefficients shown were obtained assuming brittle elements
(columns susceptible to shear fallure) in the structure. As indicated earlier, the building
under study does not meet the classification of an IMRSF, but rather that of an OMRSF
(ATC-22 does include provisions for a CBF with an OMRSF). However, the required lateral
strength for a concentrically braced frame with an IMRSF represents a lower bound for a
building with CBF and an OMRSF.

Assuming that the lateral resistance of the braced building is given by the buckiing
capacity of the braces (as assumed in the design process of CBF systems), It Is can be
seen that strength provided by bracing scheme TS1 is well below than that required by ATC-
22. On the other hand, the lateral resistance of scheme TS2 exceeds that required by the
ATC-22. However, that the load level corresponding to the onset of shear failure in columns
Is about the same as that required by ATC-22. A discussion of these results Is presented
in Chapter ViIl. .

6.4.3.2 Dynamic Response Analysis

Dynamic Properties

The fundamental periods of vibration and effective damping ratios for the original
and the building with X-bracing are shown in Table 6.15. The reductions in the period of
vibration of the braced structure are substantial, particularly for configuration TS2 which has
the heaviest braces. In general, period lengthening ratios for the braced buildings are



Table 6.15 Dynamic properties of the original and buildings with X-

bracing.
Fundamental Period (s‘ec)
[Eifective Damping]
Soil Type
Building Fam Soft
Silty Clay Deposits | San Francisco Bay Mud
(Mexico City) {California)
Case
Original 0.62 0.71 0.69
[20%] [53%] [60%]
Scheme T$S1 0.43 0.44 0.44
[20%] [28%] (20%]
Scheme TS2 0.28 0.30 0.29
[20%) [36%] [37%]

* values are based on a h'/r ratio of 0.60 in accordance with the dimensions of the

foundation
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relatively small and therefore effective damping ratios are not significantly higher than those

adopted for the structures on a fixed-base. For bracing scheme TS2, effective damping

ratios are somewhat larger mainly because of a relatively higher period lengthening ratio
(f/T = 1.07 for the clay deposits of Mexico City).

For the buildings located on firm sails, the reductlons in the period of vibration do

not permit to anticlpate substantlal changes in the demands of strength for the braced

building. Strength demands could increase, decrease or remain the same depending on the

earthquake record considered (see Fig. 4.26). For the buildings located on soft soils,

however, the reductions in the periods of vibration of the braced buildings clearly indicate
reductions in strength demands, which would be substantial for the Oakland record (see

Fig. 4.27).
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Dynamic Response
Maximum inter-story drifts for the braced building with the two bracing schemes TS1
and TS2 obtained for the records measured on firm soll sites are presented in Fig. 6.62. As
can be seen, bracing scheme TS1 is unable to limit lateral drift and collapse of the building
Is anticipated for the three records studied. In all cases, collapse of the structure Is
predicted by large lateral displacements at the secand story level which led to instability of
the building. Notice that even though the lateral load relationships for bracing schemes TS1
and C3 were similar up to yielding of braces (see previous section), the post-tensioned
bracing system was more effective to limit inter-story drifts than scheme TS1 (see Figs. 6.57
and 6.61). The better performance of scheme C3 is probably due to the fact braces which
shorten begin to sag after yielding of braces which provides scheme C3 with a higher

74
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Figure 6.62  Maximum inter-story drift ratios for the braced building (schemes TS1 and
TS2) subjected to the records measured on firm soil sites.
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stiffness beyond yielding of braces (see Fig. 6.57). Lateral stiffness after yielding of braces
with scheme TS1 Is negligible as suggested in Fig. 6.61.

Bracing scheme TS2, on the other hand, limits inter-story drifts to less than 1% in
all three cases. For the scaled El Centro and Viiia del Mar records, inter-story drifts are less
than 0.4% in all stories. Although, lateral drifts are controlled with scheme TS2, columns
shear failure is not prevented.

In Fig. 6.63, maximum inter-story drifts for the bracing schemes subjected to records
on soft soils are presented. For the Oakland record, bracing scheme TS1 Is unable to limit
inter-story drifts and collapse of the structure Is anticipated. The mode of failure of the
structure is similar to that described above for the records on firm soils. As above the
performance of bracing scheme C3 during the Oakland record (Fig. 6.58) is better than that
of scheme TS1. For the Mexico City - SCT1 record, inter-story drifts with scheme TS1 are
minimal. The response of the structure with configuration TS2 is minimal for both records
on soft soils. Column shear failure is observed in only a few columns and only for the
Oakland record. Braces remain elastic during both earthquake records.

-~ Mexico Clty - SCT1

STORY LEVEL

L i i
1 2 3 4
INTER - STORY DRIFT (%) INTER - STORY DRIFT (%)

- BRACED TS1

BRACED Ts2

Figure 6.63  Maximum inter-story drift ratios for the braced building (schemes TS1 and
TS2) subjected to the records measured on soft soil sites.
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Performance of X-Bracing System

The preceding resuits show that X-bracing can be designed to reduce the response
and controi lateral drift of the building under study for the records on both firm and soil
sites. Similar to the results obtained for the three-story building, the X-bracing system is
more effective for structures on soft soil conditions than for those supported on firm soils.
Overall, bracing scheme TS2 which has stiffer and stronger braces, exhibited better behavior
than scheme TS1.

Following is an evaluation of the performance of the X-bracing system as a retrofit
strategy for the building under study. Examination of maximum Inter-story drifts reveals that
bracing scheme TS2 is the most effective to limit lateral drift of the building on both firm and
soft soil conditions. At the same time, from all the records considered for study, _the
Corralitos record imposes the largest demands of strength and ductility on the bracing
scheme TS2. For this reason the results obtained for the latter record will be used as a
basis for evaluating the performance of the reinforced concrete members and the braces.

Performan f Reinfor ncrete Member:

Fig. 6.64, shows the degree of damage that can be expected for the building with
scheme TS2 under the Corralitos records. In this figure, columns that are expected to fail
in shear during the record are presented. Also shown are the plastic hinges developed in
beams and columns. As can be seen, columns shear failure is not prevented and Is spread
over most of the columns in the building. Plastic hinges are developed only at the base of
exterior columns in the first floor. Beams behave essentially in the elastic range; no hinges
developed in these members. Because of the generalized failure of columns, the lateral
stiffness and resistance of the frame Is provided almost exclusively by the braces. While
significant damage Is expected in columns, lateral drifts under the Corralitos record are
controlled by the bracing system. For the rest of the records on firm soil, scaled El Centro
and Viia del Mar records, and for the Oakland record on soft soll, column shear failure is
not prevented, but the number of columns failing in shear is reduced. For the Mexico City -

SCT1 record, column shear failure is prevented with scheme TS2.

The axial force distribution in columns with configuration TS2 subjected to the
Corralitos record is presented in Fig. 6.65. In this figure, the maximum axial force developed
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= Member shear failure
O  Hinge in only one direction of bending

Figure 6.64  Hinge location and member shear failure for the perimeter frames of the
braced building with configuration TS2 when subjected to the Corralitos
record.

in the members is shown as a fraction of the corresponding capacity in pure compression
or tension. As expected, maximum axial forces developed in columns that share a braced
and an unbraced bay (column lines 12, 16, 17 and 21). The magnitude of the tension forces
developed in columns of lower stories is substantial and exceed the capacity in pure tension
in many instances. At the fourth story level there is an abrupt increase in the magnitude of
the axial force ratio in columns, mainly because the amount of longitudinal reinforcement
Is reduced at that level. Such reduction in the amount of reinforcement followed the design
of columns of the original bare frame, in which axial tension forces were not anticipated.
Compressive axial forces are also quite high along the column fines indicated above, and
exceed the maximum capacity in pure compression of several members.

The magnitude of axial forces in beams are, in general, much smaller than those
induced in columns. Because of the relatively large cross section of spandrels, compression
forces remained well below the compression capacity of these members. However, tension
forces developed in spandrels of both braced and unbraced bays. Using the minimum
amount of longitudinal reinforcement in the spandrels (typically at mid span) and neglecting
any contribution of slab reinforcement, it was estimated that tensile forces would reach the
capacity in pure tension for some spandrels in the lower storles.
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Figure 6.65  Axial force distribution in columns of perimeter frames of braced building
with scheme TS2 for the Corralitos record. (Axial force is shown as a
fraction of the capacity of the member in pure compression or tension)

Based on the results presented above, the need for collector elements to augment
the tensile and compression capacity of columns is apparent and essential for the success
of the X-bracing system. Also, to reduce the level of damage and to improve the shear and
deformation capacity, columns could be encased with jacketing along the height of the
building.

b) Performance of Braces

Inelastic behavior of braces with configurations TS2 for the Corralitos record are
presented in Fig. 6.66. Brace yielding and/or buckling is confined to the braces of the lower
three stories; braces in the upper stories remained within the elastic range. In the third
story, braces only reach buckling and they never reach yielding. In the first story, braces
yield and buckle with extensive inelastic excursions in both tension and compression. The
latter behavior is shown in Fig. 6.66, for one of the most stressed braces in the first story.
The brace buckles several times during the response of the structure and reaches the
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Figure .66 Yielding and buckling of braces, and typical hysteretic behavior of first story
braces with scheme TS2 when subjected to the Corralitos record.

residual buckling load (P, ). Because the flat width to thickness ratio of braces was selected
to meet the LRFD recommendations for seismic behavior, fracture of the tube section due
to repeated load reversals is not anticipated. Note that because of the low slendemess ratio
of the brace (KL/r = 45 ), the brace has a buckling load capacity (first cycle) of about 80%
of the yield load in tenslon and displays good energy absorption capacity. Nonetheless, first
story braces will experience a high level of damage after the earthquake.

Since the behavior of braces in the fourth and upper stories remained within the
elastic range, it would appear that smaller sections could be used In these stories in order
to obtain a more economical and efficient design. However, the use of smaller sections will
also reduce the lateral stiffness of the story and will most likely Increase lateral drifts and
produce damage of braces. Thus, while the use of a smaller section could lead to a more
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economical design, a larger lateral deformation and a higher degree of damage could be
expected.

6.4.3.3 Summary

The use of X-bracing as a retrofit strategy was studied by examining two possible
schemes which had the same bracing configuration but different size of braces, namely TS1,
and TS2. Bracing scheme TS1 was designed for the smallest size of braces that would meet
the requirements for concentric bracing of the LRFD seismic provisions, and had a similar
initial stiffness to that of configuration C3 with post-tensioned rods.

For the records on both firm and soft soils, scheme TS1 was unable to prevent
collapse of the building, except for the Mexico City - SCT1 record where the response of the
building was minimal with small inter-story drifts (less than 0.2%). A comparison of retrofit
schemes TS1 with C3, revealed that the post-tensioned braces were more effective in
controlling lateral drifts than scheme TS1.

Bracing scheme TS2 provided an adequate safety level against collapse for the
records on firm and soft soils. However, the bracing system was unable to prevent column
shear failure, mainly because of the low shear capacity of the shot stiff columns of the
existing frame. Expected damage in columns is substantlal despite the fact that the bracing
system was able to control lateral drift to less than 1%. Also, retrofit scheme TS2 will require
collector members in columns and beams throughout the height of the building to help carry
the high axial forces induced by the bracing system. To improve performance level of the
retrofit scheme, it is suggested that steel or reinforced concrete jacketing or steel collector
elements be provided to improve the shear strength and deformation capabilities of
columns.



CHAPTER VII
DISCUSSION OF RESULTS AND DESIGN IMPLICATIONS

7.1 GENERAL

In this chapter, the results obtained from inelastic analyses of the buildings are
examined by comparing the strength and ductility capacities with the demands imposed by
the earthquake records studied. The capacity of the buildings is estimated from the lateral
load and drift relationships derived in previous sections (Chapter IV and VI). Earthquake
demands are estimated from equivalent single-degree-of-freedom (SDOF) systems used to
represent the behavior of the buildings. In addition, elastic and smoothed inelastic response
spectra are used to compare maximum response of the buildings.

Based on these comparisons, simpler procedures for estimating the response of the
buildings are suggested. Also, design strategies for the retrofit of reinforced concrete frames
are re-evaluated and design recommendations are proposed.

The adequacy of ATC-22 for evaluating the performance of existing buildings and
the suitability of the provisions for evaluating retrofit schemes considered in this study are
examined.

7.2 DISPLACEMENT DUCTILITY REQUIREMENTS

7.2.1 Equivalent SDOF System

Several researchers 4% 5% 5% have attempted to model the resistance and
displacement of multi-story bulldings (multi-degree-of-freedom system, MDOF) using an
equivalent SDOF system. The development of equivalent SDOF systems often involves
several assumptions which are sometimes mathematically inconsistent. Despite these
approximations, they can provide a reasonable estimate of the maximum response of multi-
story structures and comprise an Important tool for understanding the dynamic response
of structures. in this study, the equivalent SDOF system follows assumptions that are similar
to those used In previous studles 4% 5% 54 put includes some modifications that are
explained in the following.

276
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The equivalent SDOF system used in the present study consists of a bi-inear,
stiffness degrading, fixed-base model, similar to the one used to produce the Inelastic
displacement ductility spectra presented In section 4.5.3 (Figs. 4.30 and 4.31). To model
the inelastic behavior of the multi-story buildings with equivalent SDOF systems, the base
shear coefficient and drift relationships obtained for each of the buildings studied were fit
to a bi-inear relationship. Initlal stiffness of the SDOF system is defined as the tangent at
the origin of the base shear coefficient and drift relationship, as shown in Fig. 7.1. Thus, the
period of vibration of the equivalent SDOF system Is the same as that corresponding to the
fundamental period of the bullding structure.

A
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E A inertia forces
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Figure 7.1 Typical idealization of the base shear and drift curve with a bidinear
relationship.

To determine the yield strength in the biinear relationship, strain hardening and drift
corresponding to the ultimate state need to be defined first. Because the behavior and
modes of failure of the bulldings considered In this study are substantially different, the
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definition of ultimate state is not unique. Such a definition will, in general, depend on the
performance criteria established for the structure specified by the designer. Since lateral
drift and structural damage are interrelated, the degree of damage can be established in
terms of the drift level experienced by the structure. In this study, ultimate state of the
buildings is defined by the maximum allowable drift that would not jeopardize the integrity
and stability of the building. Both non-structural and structural damage can be allowed
under the latter definition, provided that lateral drifts are controlled. Such a criterion is
aimed at providing an adequate safety level against collapse, and it Is not intended to
safeguard existing elements against severe damage.

Once the drift at ultimate state is determined, strain hardening of the bidinear system
is defined by the line that passes through the point of ultimate state with a slope such that
the areas under the biHinear and the calculated base shear coefficient and drift curve are
equal. In this manner, the energy absorption capacity at ultimate is maintained. The yield
strength of the bi-linear system corresponds then to the point defined by the intersection of
the initial stiffness and the strain hardening lines, as shown in Fig. 7.1.

In previous studies, biHinear relationships were determined using base shear and
roof drift values. In this study, bi-linear relationships are based on drift at the centroid of
inertia forces (effective height of the building for motion in its fundamental period of
vibration). The centroid of inertia forces is believed to represent better the inelastic
deformations of the buildings because in most cases inelastic behavior tends to concentrate
in the lower stories of the buildings. As a result of “yielding® in the structure, Increments in
lateral displacement in the lower stories can be significantly larger than those in the upper
stories. Therefore, a relationship based on roof drifts is likely to underestimate the
deformation capabilities of the structure. On the other hand, a relationship based on the
lateral drift of the first story, for instance, would probably overestimate the deformation
capacity of the bullding in the inelastic range.

Once the biHinear relation is completely defined, the global ductility capachy, p ¢
of the buildings is estimated as the ratlo between the drift at ultimate and the drift at yield.
The ductility capacity, u ., will be compared to the requirements for ductility as obtained
from the response of the equivalent SDOF systems to the earthquake records studied. To
compare the response of the SDOF system with that of the multi-story buildings, the yield
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strength of the bi-inear curve calculated as above is divided by the "effective weight*
(participating mass) In the first mode of vibration of the buildings. Such an approximation
is intended to account for multi-mode effects on the response of the buildings and can be
justified by the fact that the response of the buildings studied is dominated by the first mode
of vibration. Note that rigorous application of dynamic principles would require that the
base shear coefficlent and drift relationships be obtalned using a load distribution that would
produce a deflected shape corresponding to the first mode. However, the uniform lateral
load distribution used to calculate the base shear and drift curves produced deflected
shapes that are simllar to those obtained in the first mode.

In a previous study, Jordan “® proposed a simplified relationship that permits
estimation of the ductility capacity of retrofitted buildings. The relationship Is based on the
lateral strengths and periods of vibration of the original and retrofitted structures, and on the
ductility capacity of the original bullding. The use of such a relationship for estimating the
ductility capacity is attractive because it does not require derivation of the lateral load and
drift relations for the retrofitted buildings but only for the original building, thus reducing the
computation effort. The proposed relation is as follows:

C, Toe I o) T (07 (7.1)
Cyr T2 Z)(00)F ()

Be = By

where:
BorBe = ductility capacities ofthe origlﬁal and retrofitted buildings respectively.
CwrC yw = yleld strength of the original and retrofitted buildings respectively.
T T, = periods of vibration of the original and retrofitted building respectively

(d0) i, (¢); = deflection in a first mode shape at level i of the original and retrofitted
structure respectively, normalized with respect to the roof
displacement.

The terms involving the summations of the deflected shapes of the buildings may
be omitted if the mode shapes for the original and retrofitted buildings are similar. Such is
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the case for the buildings considered in this study and therefore the summation terms are
neglected in the following.

The main assumptions involved in the derivation of Eq. 7.1 are that the drift level at
ultimate state and modes of failure of the original and the retrofitted buildings are the same.
Also, the relationship was based on moment frames of reinforced concrete retrofitted with
either reinforced concrete jacketing or structural walls. The values obtained from Eq. 7.1
will be used to determine the validity of the expression for buildings retrofitted with bracing
systems.

Soil-structure interaction effects are neglected in the SDOF model. Because
Interaction effects showed only a minor influence in the overall evaluation of the buildings,
a fixed-based SDOF system should suffice to estimate the response of the buildings on soft
soll sites.

7.2.1.1 Prototype Building | - Three-Story Building
Idealization of Bi-Linear relationships

The base shear coefficient and drift relationships for the original and retrofitted
buildings investigated for the three-story building are reproduced in Fig. 7.2. Also shown
in this figure are the bi-linear relationships used to idealize the behavior of the three-story
buildings as described above. The definition of ultimate state for the original and retrofitted
buildings follow the criterion indicated earlier with specific failure modes as follows:

a) Qriginal Building:

The ultimate state is defined by the drift corresponding to failure of all splices in
the first story columns (see Fig. 7.2 a) because the lateral stiffness and
resistance of the building is expected to degrade significantly soon after failure
of all column splices.

b) Post-Tension
As noted in Chapter VI, lateral stiffness and strength of the braced buildings is
governed by the behavior of the braces. Maximum strength of the braced
structure Is reached when braces that shorten in the first story become slack.
Failure of column splices occurs before the braces begin to sag and it does not



281

® Splice failure of all first story columns

+ First buckiing of braces

X Braces sag (no tension)

& First yielding of braces In tenslon

A First yielding of reinforcement in boundary elements
V Fracture of reinforcement in boundary slements

8) ORIGINAL b) POST - TENSIONED SCHEMES
1.5 ‘
10|
b= I
—
>
= N
2 0.5 i
w
)
. L
u. I T L el L L | - L Ak
o) Ay Ay by A,
o
(19
ﬁ .5 ¢) X- BRACING SCHEMES d) STRUCTURAL WALL SCHEME
I .
n
) ouz
. DAt : ‘
, - e
L =
0.5 R A . e
|||;|1v|I1L11 lllllllllillll
0 4y 054, 10 15 04y 054, 10 15

DRIFT AT THE CENTROID OF INERTIA FORCES, (%)

Figure 7.2 Idealization of base shear and drift relationships for the original and retrofit
three-story buildings.
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cause an appreciable degradation of stiffness or strength of the retrofitted
buildings. Accordingly, ultimate state is defined by the drit at which braces that
shorten begin to sag.

¢) X-Bracing Schemes:
Ultimate state Is defined as the drift corresponding to failure of splices in all
columns in the first floor. The reason for adopting this criterion is that both
buckling and ylelding of braces precede failure of splices in all first story
columns, as shown In Fig. 7.1 ¢. Thus, lateral stiffness and strength of the
building is expected to degrade rapidly after failure of splices.

d) Structural Wall
Because the structural wall is a very rigid system compared to the existing frame,
the strength of the wall is reached before failure of splices occurs in any of the
columns. The ultimate state is defined as the drift at fracture of the
reinforcement in the boundary elements of the wall, as shown in Fig. 7.1 d.

Displacement Ductility Requirements

In Table 7.1, the main properties of the equivalent SDOF model are represented by
the “effective” base shear coefficient at yleld, C ., , (base shear coefficient corresponding
to yield of bi-linear curve divided by the weight participating in the first mode), the drift at
ultimate state, A ,, and the global displacement ductility capacity of the buildings, p c» @s
obtained from the bi-inear relations (Fig. 7.2) and Eq. 7.1.

Maximum allowable drifts (drifts at ultimate state, A ) are all below or equal to 1%.
Global displacement ductility capacities, i ., as obtained from the bi-inear relation for the
original and the retrofitted structures with post-tensioned bracing and X-bracing are relatively
low. For the wall scheme, however, the displacement ductility capacity Is estimated at 7.2
even though the maximum allowable drift is relatively small (0.57%). The reason is that
yielding, and thus energy dissipation in the wall, begins at very low drits.

Global ductility capacities computed according to Eq. 7.1 are generally lower than
those estimated from the bi-linear relations and therefore they are conservative. However,
for scheme DA2, Eq. 7.1 overestimates the ductility capacity of the structure. The reason
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Table 7.1 Computed properties and predicted response of equivalent SDOF system
for the three-story buildings

e
SDOF Model
ae/m
Records on Rrm Soll Records on Soft Soil
Bidg. || Ceft | 4u/D* | %
¥ (sec)] (%1 Scaled | Comalitos | Wiaa || Mexico | Osidand
a del City
Centro Mar SCT1
Oviginal || 015 | o078 1.35 0.45 0.64 0.41 0.19 033
[1.11]
c1 0.51 1.00 286 093 1.02 147 + 211
[052] (1.80)v
c2 050 | o082 252 099 072 187 + 223
[046] (2.36)v
c3 067 | 093 264 1.33 1.00 2.15 + +
[044) (1.92)v
ca o84 | 1.00 286 236 1.04 + + +
[040] (1.86)v
DAt 068 | 071 233 1.38 0.82 2.06 + 216
[040] (2.29)
DA2 089 | o045 191 1.39 1.11 + + +
[030] @.11)v
Wall 061 | os7 72 350 2.06 5.69 + +
[025] ©5)v

T : fixed-base period of vibration
h*: height to the centroid of inertia forces

+ : responss is elastic

v ; global ductility capacity computed according to Eq. 7.1
**: values less than one indicate inadequate behavior
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Is that, as noted earlier, Eq. 7.1 assumes that the maximum allowable displacements and
the mode of failure in the original and retrofitted structures are the same. However, the drift
at ultimate for scheme DA2 s significantly lower than that of the original structure. Note that
for the wall scheme the mode of failure of the retrofitted building is different than that of the
original building. However, the ductility capacity obtained for the wall scheme is a

conservative value.

In Table 7.1, the ratios between the global displacement ductility capacity, p c (as
obtained from the bidinear relations in Fig. 7.2), and the displacement ductility
requirements, 4 ., are presented for the five earthquake records studied. In this table, the
performance of a structure is considered adequate if the displacement ductllity ratio,
B/ B, is greater or equal to one (i.e. capacities exceed demands). Otherwise, behavior
is predicted to be inadequate for the buildings. For the original building, the displacement
ductility demand obtained with SDOF model during the scaled El Centro record was 2.97
which compared with the ductility capacity of 1.35 resulted in a ductility ratio (capacity
divided by demand) of 0.45 as shown in Table 7.1.

For the original building, inadequate behavior is predicted for all five earthquake
records. Considering the records on firm soil, the SDOF model predicts larger displacement
ductility requirements for the scaled El Centro and for the Vifia del Mar records than for the
Corralitos record. For the records on soft sails, the displacement ductility requirements are
even larger than those for the records on firm soil, particutarly for the Mexico City - SCT1
record. These results match very closely the results obtained from the dynamic analyses
of the three-story building, as can be seen by comparing the maximum inter-story drifts
presented in Fig. 6.2 and 6.3 for the records on firm and on soft soils, respectively.

A similar comparison for the post-tensioned bracing systems, schemes C1, C2, C3
and C4, shows the same correlation between the results of the SDOF model and those of
the three-story structures. In Table 7.1, adequate behavior is predicted for the Vifia del Mar
record and for both records on soft soils, with all four post-tensioned bracing schemes.
Maximum inter-story drifts presented In Fig. 6.10 for the Viia del Mar record and in
Figs. 6.11 and 6.12 for the records on soft soils reveal the same conclusion. Further, it Is
predicted that for the Mexico City - SCT1 record, the response with all post-tensioned
bracing schemes is in the elastic range. It can also be concluded from table 7.1 that
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scheme C4, which displays the highest displacement ductility ratios, Is the best alternative
among the post-tensioned bracing schemes. Clearly, the Corralitos record imposes the
largest ductility demands on configuration C4. The same conclusions were obtained from
analyses of the three-story buildings.

For the X-bracing and the wall schemes, the correlations between the SDOF model
and the MDOF structure are similar to those described above, and can be readily verified
by comparing the results of Table 7.1 with those described in Chapter VI.

In summary, the predictions for the performance level of the original and retrofitted
buildings using the equivalent SDOF mode! show remarkable agreement with the resuits
from inelastic analyses of the three-story frames.

7.2.1.2 Prototype Structure Il - Twelve Story Building
Kdealization of Bi-Linear relationships

Following the procedure described earier, the base shear coefficient and drift
relations for the original and retrofitted buildings were used to define a bi-linear response.
It can be recalled that the mode of failure of the buildings was, in general, governed by
column shear failure in the lower stories of the buildings. The criterion used to determine
ultimate state (A ;) was unique for all cases and was defined as the drift at the centroid of
inertia forces at the onset of column shear failure. For the original building, column shear
failure is clearly an appropriate definition for the ultimate state as lateral stiffness and
strength will degrade rapidly soon after such failure (see Fig. 4.23). For the retrofit schemes,
the criterion is appropriate because column shear failure begins after significant "yielding"
in the structure (yielding and buckiing of braces, or ylelding of reinforcement in walls). Thus,
it is reasonable to assume that only limited strength and deformation capacity will remain
after failure of columns (see Figs. 6.33, 6.40 and 6.48). In wall scheme W1 (Fig. 6.46),
however, column shear failure occurs prior to yielding of the wall at its base (see Fig. 6.48).
Therefore, the criterion for determining the ultimate state may be somewhat conservative for
scheme W1 since the loss of column shear capacity does not lead to an immediate loss of
lateral capacity in the frame-wall system.
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Displacement Ductility Requirements

The main properties of the equivalent SDOF system are presented in Table 7.2 for
the original and most of the schemes considered for the twelve-story building. Bracing
scheme DA-TS was not Included here because it was not considered a viable alternative
(expensive and impractical) as noted in Chapter VI.

Maximum allowable drifts (drifts at ultimate state, A , ) for the twelve-story structure
are all under 0.8%, and are lower than the calculated drifts for the three-story buildings
(Table 7.1). The main reason for such low limits on the ultimate drifts is the fallure of
columns in shear at small drifts. Similarly, global displacement ductility capacitles are in
general lower than those obtained for the three-story retrofit schemes. Notice that the
displacement ductility capacity for the original building is calculated as 1 (no ductility), since
column shear failure begins prior to significant yielding in the structure. '

Similar to the results obtained for the three-story structure, global ductility capacities
estimated from Eq. 7.1 are lower than those computed from the biinear relations. Except
for wall scheme W2, Eq. 7.1 ylelds conservative values for the retrofitted twelve story
buildings.

A comparison of the displacement ductility ratio, . / u ., reveals that overall the
performance of the original and the retrofit schemes predicted by the SDOF model are in
good agreement with results obtained from the building analyses. For the original building,
inadequate behavior Is predicted for the scaled El Centro, Corralitos and the Mexico City -
SCT1 records (in Table 7.2 a value for the ratio p . / p , greater or equal to 1 indicates
adequate performance). These results match closely the behavior obtained from building
analyses (see Fig. 6.29 and 6.30). Note that for the original structure inadequate behavior
Indicates shear failure of columns and, probably, collapse of the building.

For the post-tensioned schemes (C4A and C4B), adequate behavior is anticipated
for all the records measured on firm soils, with the largest ductility requirements obtained
for the scaled E! Centro record. Similar conclusions were obtained from building analyses
(see Fig. 6.34). For the records on soft soils, inadequate performance is predicted for the
Mexico City - SCT1 record with both bracing schemes, and for the Qakiand record with
scheme C4B. The behavior predicted for the Mexico City - SCT1 record shows excellent
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Table 7.2 Computed properties and predicted response of equivalent SDOF system
for the twelve-story buildings

SDOF Model
Ke/K
FB::" Conr | y/0* X Records on Firm Soll Records on Soft
(%]
Scaled | Cormalitos Vifia Mexico | Oalkdand
8 del City
Centro Mar st

Original || 0.056 0.47 1.00 0.56 0.93 + 038 +
[352]

CaA 0.172 0.76 205 1.41 1.78 + 045 1.55
(1871 (1.15)v

c48 0.190 0.58 1.71 1.18 1.45 1.50 0.36 0.99
[1.71] (1.25)v

T$1 0.136 0.48 1.80 0.s8 1.18 1.13 034 1.02
[1.74] (1.69)r

TS2 0.254 0.58 1.86 1.54 1.60 1.25 0.44 1.05
[1.42] (1.35)

w1 0.058 0.74 235 0.648 122 211 0.45m 1.26
[264] (1.72)v

w2 0.159 0.49 3.18 1.38 173 1.18 0.59 099
[122] (2.93)v

T : fixed-base period of vibration

+ :response is elastic

h* : height to the centrold of inertia forces

v : global ductility capacity computed according to Eq. 7.1

** : values less than one indicate inadequate behavior

B : SDOF predictions do not match results from bullding analyses
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agreement with the results from building analyses where collapse of the building was
predicted with both bracing schemes (see Fig. 6.35). The behavior predicted for the
Oakiand record with scheme C4B does not match the results obtained from building
analyses (see Fig. 6.35). However, because the displacement ductility ratio is very close to
one, this case can be considered as borderine in which a definite conclusion cannot be
made without conducting more elaborate analyses. In any case, the results using the SDOF
model are conservative.

. For the X-bracing schemes (TS1 and TS2), adequate behavior is anticipated for all
the records on firm soils, except for the scaled El Centro record with scheme TS2. For the
records on soft soils, inadequate behavior is predicted only for the Mexico City - SCT1
record. These results show excellent agreement with those obtained from building analyses,
as evidenced by the maximum inter-story drift ratios presented in Figs. 6.41 and 6.42. The
low ductility ratios obtained for the Oakland record are somewhat conservative when
compared to the behavior obtained from building analyses.

The results for the two wall schemes, W1 and W2, are dissimilar. With wall scheme
W2, the SDOF model predicts adequate behavior for all the records on firm soil. Also,
inadequate behavior Is predicted for the Mexico City - SCT1 and the Oakland records. The
predicted behavior for the Oakland record, however, can be considered a borderline case
as explained above for scheme C4B. All these results for wall scheme W2 are in good
agreement with those obtained from building analyses (see Figs. 6.49 and 6.50).

For wall scheme W1 (see Fig. 6.46) adequate behavior Is predicted for the
Corralitos, Viiia del Mar, and Oakiand records, and correlates well with that obtained from
building analyses (Figs. 6.49 and 6.50). However, for the scaled El Centro and the Mexico
City - SCT1 records the behavior predicted by the SDOF model is inadequate. While
maximum Inter-story drifts obtained for the latter two records are the largest compared to
the drifts obtained for the rest of the records, the low displacement ductility ratios obtained
in Table 7.2 do not explain the behavior obtained from building analyses, particularly for the
scaled El Centro record. As noted in Chapter VI, the response of the building with wall
scheme W1 for the scaled El Centro record indicated that lateral drifts were controlled
{maximum inter-story drifts were all under 1%, as shown in Fig. 6.49) and there was minor
damage to the members. Column shear failure was prevented over the entire height of the
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building, and walls reached cracking but never reached yielding. For the Mexico City -
SCT1 record, maximum inter-story drifts on the order of 1.5 % were obtained, but column
shear failure was prevented over the entire height of the building. Walls suffered extensive
cracking, but never developed flexural yielding (see Fig. 6.51).

A possible explanation for such a discrepancy is that the double wall configuration
at the exterior of perimeter frames with a relatively flexible interior frame changed the
dynamic characteristics of the bullding during earthquake response (participation of higher
modes and elongation of the period after cracking of the walls and yielding at the beam
ends). Such a behavior could have allowed the building to reach lateral drifts larger than
those producing column shear failure under a uniform distribution of lateral loads in a static
analysis.

Except for the cases just noted, the SDOF model helps explain the behavior of the
buildings in terms of the ductility requirements Imposed by the earthquake records selected
in this study. Despite all the simplifications introduced, the predictions of the SDOF model
show good agreement with the results from building analysis in most cases.

7.2.1.3 Prototype Structure Il - Seven Story Building
Idealization of Bi-Linear Relationships

In the evaluation of the SDOF model, only the original and the X-bracing retrofit
schemes were included. As noted in Chapter VI, the post-tensioned bracing system was
found to be a viable alternative only for the Mexico City - SCT1 record, and therefore it was
not considered in the present evaluation. The criterion used to determine the ultimate state
of the original and retrofit schemes varied and was defined as follows.

The mode of failure of the original building was governed by column shear failure
in the lower stories of the building. Following column shear failure, degradation of stiffness
and strength is expected to be rapid (see Fig 4.23) and therefore the ult'mate state was
defined by the drift corresponding to the onset of column shear failure.

For retrofit schemes TS1 and TS2 (Figs. 6.61), the criterion was defined as the drift
corresponding to first yielding of the braces. With both schemes, column shear failure and
buckling of braces precede yielding of braces and therefore substantial damage to columns
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can be expected using this criterion. However, for scheme TS2, column shear failure did
not appear to have a substantial influence on the stiffness nor on the strength of the scheme
because of the relatively large stiffness and strength provided by the braces. With scheme
T$1, the columns failing in shear caused a significant reduction in stiffness and strength of
the structure (Fig. 6.61). However, the presence of the bracing system provided the building
with some deformation capacity following column shear failure, even though buckling and
yielding of braces Is expected to occur soon after the failure of columns. Scheme TS1 was
rendered adequate if lateral drifts remained below that corresponding to yielding of braces,
and therefore the criteria defined above Is appropriate.

Displacement Ductility Requirements

The calculated properties of the equivalent SDOF system for the seven-story
buildings are presented in Table 7.3. Notice that because of the premature shear failure of
columns, maximum allowable drifts, A , , are significantly smaller than those defined for the
previous two buildings. Even after retrofitting with the X-bracing system, the permissible
drifts are still very low (< 0.25 %). Global displacement ductility capacities are also shown
in Table 7.3. Clearly, the original building has no deformation capability after column shear
failure (u . = 1).

Global ductility capacities estimated from Eq. 7.1 are too conservative in this case.
The ductility capacity estimated for the retrofitted buildings is essentially the same as that
of the original structure, whereas the addition of the braces result in added deformation
capacity beyond the shear fallure of columns (see Fig. 6.61). As noted earier, the
assumptions involved in Eq. 7.1 consider the original and retrofitted structures have the
same maximum deformation capacity.

The displacement ductility ratios shown in Table 7.3 indicate that the original
building would be Inadequate, and because of the low ductllity ratios obtained, collapse
could be expected for all five earthquake records. Such a result is in good agreement with
the conclusions obtained from building analyses (Figs. 6.52 and 6.53).

For bracing scheme T$1, inadequate behavior Is predicted for all records, except
for the Mexico City - SCT1 record, where elastic behavior would be anticipated. As above,
good agreement is obtained between the predictions of the SDOF model and the results
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SDOF Model
" / [ xn
Bidg. Co A, /b x Records on Firm Soil Records on Soft
[T (sec)] ¢ ¢
(%]
Scaled | Comalitos Vifla Mexico | Oakdand
8 del City
Centro Mar SCT1
Original 0.162 0.1 1.00 0.15 0.16 0.14 0.41 0.14 )
[062]
TSt 0.325 0.22 275 0.46 0.49 0.63 + 0.94
[043] (1.04)v
TS2 0.719 0.24 3.20 2.00 1.00 3.14 + +
[028] (1.10)v

T : fixed-based period of vibration

h*: height to the centroid of inertia forces

+ :response is elastic
v : global ductility capacity computed according to Eq. 7.1

** : values less than one indicate inadequate behavior

obtained from building analyses (Figs. 6.62 and 6.63). Also, retrofit scheme TS2 is adequate
for all five earthquake records, with the largest demands imposed by the Corralitos record.

Furthermore, for the records on soft soils, elastic behavior is predicted. The predictions of

the SDOF model correlate very well with results from building analyses (see Figs. 6.62 and
6.63). In addition, the ductility ratio of one obtained for the Corralitos record with scheme
TS2, correlates well with the degree of damage anticipated for the building shown in

Fig. 6.64.

Similar to the results obtained for the three and twelve story buildings, the

correlations between the equivalent SDOF model and the results obtained from building

analyses for the seven-story frame are remarkable.
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7.2.2 Discussion

The results presented above suggest that the behavior of the buildings considered
In this study can be reasonably well predicted by an equivalent bidinear SDOF model
idealized from relations between base shear coefficient and drift at the centroid of inertia
forces. These results will serve to provide a basis for a simplified design procedure for
retrofit schemes as discussed in the following section.

Also, the equivalent SDOF model could be used to estimate global displacement
ductility demands of buildings similar in height and layout to those examined in this study.
The main advantage in the use of the equivalent SDOF system is the significant reduction
in the computer effort to carry out Inelastic dynamic analyses. A broader range of
earthquake records could be employed which would give a better representation of the
possible different responses for a given structure. The procedure can be used for
preliminary analyses of different scheme(s) prior to performing more elaborate analyses.

Ductility capacities calculated from the equation proposed by Jordan 4° yielded,
overall, very conservative results. However, the use of such an equation has the advantage
that, except for the ductility capacity of the original structure, the parameters involved in the
equation (lateral strengths and periods of the original and retrofitted structures) can be
estimated using current available elastic analysis procedures.

7.3 LATERAL DRIFT REQUIREMENTS

The behavior of the buildings can also be examined by comparing the maximum
allowable drift (drift at ultimate state) with the lateral drift requirements of the earthquake
records studled. Drift requirements (demands) can be estimated by dividing spectral
displacements by the carresponding height to the centrold of inertia forces of each bullding.

In the following the inelastic drift at ultimate state is compared with the elastic
response spectra of the earthquake records. Such a comparison Is strictly valid for medium-
to-long period structures where inelastic and elastic displacements are approximately the
same 5. For shon perlod structures, inelastic displacements will, in general, be larger than
the corresponding elastic displacement % and therefore such a comparison would not be
valid. However, because the retrofitted buildings possess, In general, relatively low ductility
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capacities (an exception to this result is the wall scheme used to retrofit the three-story
building, Table 3.1), inelastic displacements for a building that Is adequate should not differ
significantly from the elastic displacement.

In Figs. 7.3 through 7.8, the elastic displacement response spectra for the records
on firm and soft sails are compared to the maximum allowable drifts (A , in Tables 7.1,7.2
and 7.3) for the original and retrofitted buildings. In these figures, a structure is adequate
if the maximum allowable drift (capacity) is greater than or equal to the spectral drift
(demands) corresponding to the fundamental period of the bullding.

A detailed examination of results presented in Fig. 7.3 through 7.8 reveals that,
overall, the adequacy of the original and retrofitted buildings can be approximately
determined by comparing the maximum allowable drifts with elastic displacement (drift)
response spectra. Consider for example in Fig. 7.3 the original three-story building and
retrofit schemes C1 and C4. The original building (O) is inadequate as the maximum
allowable drift is well below the drift requirements for the three records on firm soil (a similar
conclusion is obtained for the records on soft soils, Fig. 7.4). Similarly, scheme C1 would
probably be just adequate for the Vifa del Mar record, but inadequate to satisfy the
demands of the other two records on firm solls. Scheme C4 would be just adequate to
satisfy the demands of the Corralitos record and adequate for the scaled El Centro and Viiia
del Mar. For the records on soft soils, a similar comparison would show that all retrofit
schemes would perform satisfactorily. These results are in good agreement with the results
obtained from building analyses and with those obtained from the SDOF system. An
exception is scheme DA2, which according to the spectral displacements in Fig. 7.3 would
perform Inadequately during the Corralitos record; building analyses Indicated that the
performance of scheme DA2 was satisfactory. In any case, the results obtained from the
comparison of lateral drifts are conservative,

For the twelve story buildings, the comparisons show similar correlations for the
records on firm solls (Fig. 7.5). The behavior of the original building (O) Is expected to be
adequate only for the Vifia del Mar record, a resuit that matches the performance obtained
from building analyses. Schemes C4A, TS2 and W2 display maximum allowable drifts that
are equal to or greater than the drift requirements imposed by the earthquake records, and
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Figure 7.3 Maximum allowable drifts for original and retrofitted three-story buildings,
and drift requirements of records on firm soil sites.
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Figure 7.4 Maximum allowable drifts for original and retrofitted three-story buildings,
and drift requirements of records on soft soil sites.
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Figure 7.5 Maximum allowable drifts for original and retrofitted twelve-story buildings,
and drift requirements of records on firm soil sites.
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Figure 7.7 Maximum allowable drifts for original and retrofitted seven-story buildings,
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therefore adequate behavior Is anticipated. As noted In the previous Chapter, building
analyses showed that these three schemes displayed adequate behavior for the records on
firm soil sites. Similarly, schemes C4B and TS1 should display adequate performance for
the Corralitos and Viiia del Mar records, but inadequate behavior for the scaled El Centro
record. Also, scheme C4B should perform better than scheme TS1 because of the larger
allowable drift of scheme C4B. Such behavior shows, overall, good correlation with the
results obtained from building analyses, except that the performance of scheme C4B was
better than that implied in Fig. 7.5. However, because the difference between the estimated
allowable drift for scheme C4B and the drift requirements of the scaled El Centro record are
relatively small, this case can be considered as a borderline situation which would call for
more elaborate analyses to draw a final conclusion.

As noted earlier, the behavior of scheme W1 for the scaled El Centro and ‘the
Mexico City - SCT1 records are the only cases in which the correlations between the
maximum allowable drift and drift demands are not in good agreement with the results from
building analyses. A possible explanation for this result was discussed earier in this
Chapter.

For the Oakland record (Fig. 7.16), good correlations are obtained for the original
building (O) and retrofit schemes C4A, TS2, W1 and W2. With schemes C4B and TS1,
inadequate behavior would be predicted whereas building analyses indicated a satisfactory
performance for these schemes. These results are conservative and could be explained by
the reductions in the demands of drift that would occur with elongations of the fundamental
periods due to inelastic behavior in the structure. In Fig. 7.6, an elongation in the periods
of the buildings from 1.7 secs. to 2 secs. would render schemes C4B and TS1 adequate.

For the Mexico City - SCT1 record, the comparisons show good correlation for all
buildings except for schemes TS2, W1 and W2. The results for scheme W1 have been
discussed previously. Notice the high drift demands for buildings with fundamental periods
between 2 and 3 secs (more than 4%). For schemes TS2 and W2, adequate behavior would
be predicted whereas building analyses and the equivalent SDOF system indicated
unsatisfactory performance with probable collapse of the building. These results could be
explained by the tremendous increases in drift demands with relatively small elongations in
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the fundamental periods of the buildings. Furthermore, the drift demands would continue
to increase up to a period of 2 sacs.

For comparison, scheme DA-TS is included In Fig. 7.6. This scheme performed
satisfactorily during the Mexico City - SCT1 record, but it was considered too expensive and
impractical, thus a non viable alternative. In Fig. 7.6, it can be seen that adequate behavior
would be predicted for scheme DA-TS; a resuit that matches that obtained from building
analyses even though drit demands also increase with elongatlons in period. However, the
increment In drift demands over similar elongations In period are significantly smaller for
scheme DA-TS than for either scheme TS2 or W2. Because of the extremely high drift
demands of the Mexico City - SCT1 record between periods of 2 and 3 secs., it is unlikely
that a retrofit scheme would be able to supply such high drift demands. These results
suggest that the only feasible strategy for the retrofit of medium rise frame buildings in
Mexico City s to stiffen the building (shorten the period) to such a degree that significant
increases In drift demands with elongating periods are avoided. From the results of this
study and those of Jordan %, it appears that a maximum period of 1 sec. Is an adequate
limit. It is clear, however, that the retrofitted structure still has to satisfy the minimum drift
demands for the corresponding period of vibration.

For the seven story building, the results are, in general, in good agreement with
those obtained from building analyses (see Figs. 7.7 and 7.8).

In summary, a comparison between maximum allowable drifts with elastic
displacement (drift) spectra provided an adequate (or conservative) estimate of the behavior
of the buildings subjected to the records on firm soils and to the Oakland record. For the
buildings subjected to the Mexico City - SCT1 record the predictions may be unsafe for
structures with periods of vibration larger than 1 sec.

7.4 IMPLICATIONS FOR DESIGN

Within the approximations involved in the previous analyses, the results obtained
above show that the performance of an existing or retrofitted frame building can be
approximately predicted by comparing the maximum drift capacity with the displacement
demands obtained from elastic response spectra. Such a result has significant implications
for the design strategies of retrofit schemes for existing buildings. The deslign strategies
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suggested in the following are strictly applicable for buildings located on firm soil sites
although based on the results obtained for the Oakland record, it appears that a similar
strategy could be used on soft solls in the U.S. provided that appropriate response spectra
are used. Design strategies for medium rise buildings located on the clay deposits of
Mexico City were briefly discussed above, and are different from the procedures described
below.

Also, the discussion assumes that the existing structure does not undergo any
significant changes in mass upon retrofit. Therefore, the changes in period of vibration of
the building are attributed to changes in stiffness only.

The lateral load analyses (base shear coefficient and drift relations) of the frame
buildings considered in this study (and also those considered by Jordan %) showed that the
drift at ultimate of the retrofitted structure may increase, decrease or remain the same as
that of the orlginal building (see Fig. 7.2 and Table 7.1). Nevertheless, the allowable drifts
of the retrofitted structure are expected to be, in general, of the same magnitude as that of
the original structure. Such a behavior is the result of the presence of "non-strengthened"
elements in the structure which limit the maximum lateral deformations of the retrofitted
structure (failure of splices and/or shear failure of columns).

Consider in Fig. 7.9 typical smoothed displacement response spectra for ground
motions on firm soils that represent a design earthquake. Such spectra can be derived
using the familiar Newmark-Hall rules for a given design earthquake. Notice that there are
two distinct regions indicated as the "short" and medium-to-long period ranges. it might be
recalled that in accordance with the rules of Newmark-Hall, maximum inelastic and elastic
displacements are assumed to be the same in the medium-to-long period range. In the
short period range, maximum inelastic displacements are always larger than maximum
displacements of the same structure responding elastically to the earthquake 5,

An existing medium-to-long period building with maximum allowable drift, A , and
fundamental period, T, Is indicated in the figure. The existing structure would be
inadequate because its maximum allowable drit is less than the demands of the design
earthquake. Also shown in Fig. 7.9 Is the idealized bi-linear relation for the existing building.
According to the results presented in the previous section, a retrofit will be successful only
if the retrofitted structure meets the drift demands of the design earthquake. In Fig. 7.9,
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Figure 7.9 Design strategies for medium to long period structures on firm soils.
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segments OA and OB illustrate two possible paths that would lead to a successful retrofit.
Segment OA represents the path to follow if, after retrofitting, the drift at ultimate remains
the same as that of the original building. Segment OB represents the path to follow if the
drifts at ultimate are Increased upon retrofit. Points A and B define the maximum periods
of vibration or minimum stiffnesses that have to be provided by the retrofit schemes for
adequate performance of the retrofitted building under the design earthquake. Once the
minimum stiffness requirement is met there exist a variety of strength/ductility relationships
that will lead to a successful retrofit, as suggested In Fig. 7.9. Such a result is a
consequence of the approximation that inelastic and elastic displacements in the medium-to-
long period range are the same, regardless of the level of strength or ductility in the
structure.

These concepts of minimum stiffness requirements were also indicated by Jordan 49
in the analyses of reinforced concrete jacketing (and addition of structural walls) as retrofit
for reinforced concrete frames. Based on the results of the present study and those
obtained by Jordan, it is apparent that the retrofit strategles for non-ductile reinforced
concrete frames with medium-to-ong periods are controlled by the lateral stiffness of the
retrofitted structure, and not by strength or ductility.

Notice that while strength or ductility play an indirect role in determining the
adequacy of a retrofit scheme in the medium-to-long period range, they should not be
regarded as unimportant. The retrofitted structure must have enough ductility to achieve the
drift demands of the earthquake. Also, ductility in the structure will provide the building with
a greater deformation capability which might be indispensable in the event of ground
motions larger than those anticipated for the site.

For short period (low-rise) structures displacements will increase with inelastic
behavior. In such cases, the retrofit scheme must satisfy minimum strength requirements
in addition to the requirements of minimum stiffness requirements only. Consider in
Fig. 7.10 an existing building with maximum allowable drift, A o»and period T 5, which is
inadequate to satisfy the demands of the design earthquake. Note that the original building
is located in the medium-to-long period range. Assuming that the drift at ultimate of the
retrofitted structure is the same as that of the original building, Fig. 7.10 shows that there
are several alternatives for a successful retrofit. Point B represents the maximum period of
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vibration of a retrofitted structure that would satisfy the demands of the design earthquake.
Note, however, that point B intercepts the elastic spectrum (u = 1), and therefore a
retrofitted structure with period T 5 would have to respond elastically to the earthquake to
develop a maximum drift A ,. Since the period of the retrofitted structure T g falls within
the "short” period range, inelastic behavior at drifts smaller than A o Will result In drifts larger
than the maximum allowable A, and cannot be allowed. From the load and drift
relationship shown in Fig. 7.10, the stiffness associated with the period T 5 and the

maximum drift A , define the minimum strength required for the structure, C Bym,n .

Alternatively, point A defines the maximum period T , for a retrofitted building that
may be allowed to experience inelastic behavior. The amount of inelastic behavior is defined
by the giobal displacement ductility p ,. By equating the ductility demands of the
earthquake p ; with the global ductility capacity of the desired retrofit scheme, a minimum
"yield® displacement and therefore a minimum "yield" strength, C Aymin, can be defined
as shown in Fig. 7.10. Because the period of the retrofitted structure falls within the short

period range, a retrofitted structure with period T 5 but with a yield strength lower than the

A
ymin

therefore rendered inadequate. The retrofitted structure may have a strength higher than

minimum strength C would result in drifts larger than the maximum allowable and
Cc Aymin » In which case the maximum drifts will be smaller than A ;. However, the strength
of the retrofitted structure need not be larger than that defined by the maximum elastic
displacement, A A, shown In Fig. 7.10. Clearly, strengths larger than CA,,,, will not
reduce the maximum drifts In the structure.

The concepts of minimum stiffness and “yield* strength can be illustrated by
comparing the base shear and drift relationships of schemes C4 and TS1 used to retrofit
the three-story building (see Fig. 7.2). These two schemes were designed to have the same
initial stiffness (periods of vibration). However, for the records on firm soils the performance
of scheme TS1 was inadequate, while scheme C4 performed satisfactorily. Using the design
concepts presented above, the inadequate behavior of scheme TS1 can be attributed to the
lower "yleld" strength and to the lower deformation capacity at ultimate, as shown in Fig. 7.2.

The design strategies presented are intended primarily for the design of retrofit
schemes for buildings on firm soils and it is belleved that represents a valuable and relatively
simple tool to determine minimum requirements of stiffness and strength for adequate
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performance of the retrofit scheme. Such a procedure should be used as a preliminary
design of the retrofit scheme(s) prior to conducting more elaborate design analyses
procedures.

Also note that the design procedure Is based on response spectra derived for SDOF
systems with an elasto-plastic behavior (Newmark-Hall %) which may not be representative
of structures with strain hardening and /or stiffness degradation. Aiternatively, rules to
construct inelastic response spectra for stiffness and strength degrading systems have been
proposed elsewhere 74.

7.5 COMPARISON WITH ATC-22 PROVISIONS

As discussed earlier in Chapter Il, ATC-22 provides minimum requirements for the
evaluation of existing buildings, but contains no provisions for the design or evaluation of
retrofit systems. Thus, the ATC-22 document should be used to evaluate the performance
of only existing (original) buildings. Currently, there are no code provisions for the design
of retrofit schemes In the U.S., and as a result, the performance level of retrofit schemes
(design forces and drift limits), has to be determined with little or no guidance. Even though
ATC-22 is not oriented towards the design of retrofit schemes, a comparison of the behavior
of the retrofitted buildings of the present study with the provisions of ATC-22 can provide
valuable insights for the evaluation and design of retrofitted structures. In the following, the
behavior of the buildings studied is examined in light of the ATC-22 document by comparing
the lateral strength of the buildings with that required by the provisions. Because of the
significant difference in the response spectra of U.S. records with that of the Mexico City -
STC1 spectra, the provisions of ATC-22 do not contemplate large responses for buildings
in the long period range. Therefore, ATC-22 can only be compared with the behavior of
buildings with avallable ground motions from U.S. events.

The prescribed design forces in current codes and those of ATC-22 correspond to
the lateral load level where "significant yielding" occurs in the structure. The term "significant
yielding® Is defined as that level causing complete plastification of at least the most critical
region of the structure (not the level where first ylelding occurs in any member in the
structure) '°. For comparison, the load level corresponding to “significant yielding" was
determined as the yield strength of the bi-linear relation used to idealize the base shear
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coefficient and drift relationship of the buildings, as described earlier in this Chapter (see
Fig. 7.1).

In Table 7.4, the yield strength of the buildings (as defined above) and the minimum
base shear coefficient prescribed by ATC-22 are compared (a summary of the ATC-22
provisions pertaining to the structural systems considered in this study are presented in
Appendix A). The base shear coefficients prescribed by ATC-22 shown in Table 7.4 are the
same as those indicated in the base shear coefficient and drift presented in previous
chapters. As noted earier (Chapters IV and Vi), many of the retrofit schemes included in
the present study do not conform with the structural systems contemplated in ATC-22.
Specifically, ATC-22 does not contemplate dual systems consisting of steel bracing systems
or “shear” walls with ordinary moment resisting space frames (OMRSF) of reinforced
concrete, which correspond to the cases investigated in this study. Thus, the bulldings with
steel bracing or wall systems are compared to dual systems with intermediate moment
resisting space frames (IMRSF) to observe the structural systems specified within ATC-22.
An IMRSF is presumed to have more ductility than an OMRSF and therefore the prescribed
code forces for an IMRSF should be smaller than those for OMRSF. In view of this
assumption the specified base shear coefficients for these systems can only be considered
as a lower bound for the retrofit schemes included in this study which considered OMRSF.

In addition to specifying different load levels for different structural systems, ATC-22
provides different load factors depending on the expected behavior of the elements in the
structure (brittle, semi-ductile or ductile. See Chapter Il and Appendix A). The assumptions
involved to select appropriate load factors for the buildings studied were discussed in
previous Chapters; the assumed element behavior for each building Is indicated in Table 7.4.
For comparison, the strength ratio between the computed lateral strength, Cy, and the
prescribed strength by ATC-22, CATC - 22 arg indicated in the last column of Table 7.4. In
this table, the performance of a building is considered adequate if the strength ratio
C, / CATC-2 s greater than or equal to one.

a) Three-Story Buildings:

The results of Table 7.4 show that an evaluation of the original building using the
ATC-22 document would consider the building inadequate, a result that is In good
agreement with the results obtained from building analyses for the U.S. records.
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Table 7.4 Comparison of ATC-22 provisions with calculated lateral strength of
buildings.
ATC-22
Computed
Base ATC-22
Building at "Yielding" Minimum c,/C
Base Shear Structural System y
c, Coefficient [ Berment Behavior]
cATC22
Original 0.150 0.408 OMRSF 0.37
[ Brittle }
ct 0.420 0.278 1.51
c2 0.450 . CBF w/ IMRSF 1.62
3Story Cc3 0.570 . { Semi-Ductile } 205
c4 0.700 . 252
DA1 0.580 0.278 CBF w/ IMRSF 208
DA2 0.790 * [ Semi-Ductile ) 284
Wall 0.500 0.248 R/C WALL w/ IMRSF 202
[ Semi-Ductile ]
Original 0.045 0.213 OMRSF 0.21
[ Brittle |
CaA 0.137 0.214 CBF w/ IMRSF 0.64
c4B 0.1582 . [ Brittle ] 0.71
12:Story 51 0.109 0.214 CBF w/ IMRSF 051
TS2 0.203 . [ Brittie } 095
wi 0.046 0.194 R/C WALL w/ IMRSF 024
w2 0.127 0.107 [ Brittle w/ W1, 1.19
Seml-Ductile w/ W2)
Oxiginal 0.130 0.422 OMRSF 0.31
[ Brittle ]
7
~Story TS1 0.260 0.497 CBF w/ IMRSF 0.52
T2 0.515 0.497 [ Brittie ) 1.03
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For the retrofitted buildings, all schemes meet the lower bound coefficient of ATC-22.
However, because the base shear specified by ATC-22 for these systems contemplated
IMRSF instead of OMRSF, a conclusion regarding the adequacy of ATC-22 force level
cannot be drawn. Building analyses Indicated that schemes C4, DA2 and the wall system
performed satisfactorily for the U.S. records considered in this study. The strength ratios
C, / CAT®-22 obtained In table 7.4 suggest that the required design base shear coefiicient
for structural systems that include OMRSF instead of IMRSF Is, for steel bracing systems,
2.5 times larger than that implled by ATC-22. For wall systems with OMRSF the required
base shear is about twice that suggested by ATC-22,

b) Twelve-Story Buildings
Similar to the results obtained for the three-story building, the provisions of ATC-22

indicate that the building would perform inadequately under the design lateral forces.
Building analyses revealed the same conclusion for the original building.

For the retrofitted buildings, the level of forces prescribed by ATC-22 suggest
inadequate performance of the buildings for all schemes with the exception of wall scheme
W2. However, inelastic dynamic analyses of the buildings on firm soils showed adequate
performance for all retrofit schemes, but scheme TS1. These results are conservative, but,
in general, they do not match the results obtained from building analyses. The main reason
for such a discrepancy In the results is attributed to the significant difference between the
calculated fundamental period and the minimum value for the period (T < C,T,, see
Appendix A) specified by ATC-22. Because of the unusual long period of vibration
calculated for the twelve-story building, a base shear coefficient based on the calculated
period for the building rather the minimum value specified by the code would result in lower
strength demands. Such a large discrepancy between the periods was not observed in the
retrofitted three-story bulldings. In addition, for the retrofitted three-story buildings, the base
shear coefficient was governed by the maximum value allowable by ATC-22 (see Appendix
A).

Note, that for retrofit schemes TS2 and W2, where the difference between the
calculated and the prescribed period was not as significant as for the rest of the schemes,
the computed "yield strength® and the prescribed level of forces are quite similar.
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c) Seven-Story Buildings

As for the two previous buildings, the provisions of ATC-22 would have rendered the
original building inadequate, a result that correlates well with the behavior obtained from
building analyses. For the braced buildings, the provisions would indicate inadequate
behavior for scheme TS1 and adequate behavior for scheme TS2. These results are in
agreement with those obtained from building analyses, despite the fact that an IMRSF
instead of a OMRSF was considered in calculations of the ATC-22 provisions. The
predictions of ATC-22 are adequate in this case.



CHAPTER VIl
SUMMARY, CONCLUSIONS AND RECOMMENDATIONS

8.1 SUMMARY

The study focusses on the use of a retrofit technique that involves the addition of
post-tensioned braces with high slenderness ratios (such as steel rods or strands) to
improve the seismic resistance of existing reinforced concrete frames. The use of high
strength steel rods or strands braces can significantly increase the lateral strength of a frame
structure with relatively small amounts of material and is envisioned as an alternate system
to structural steel braces. Steel rods or strands can be Initially prestressed to increase the
initial stiffness of the structure and to reduce the likelihood of shortening the braces to the
point where they become slack. If braces remain in tension, stiffness reductions during an
earthquake are minimized.

The main objective of this study was to evaluate the performance of post-tensioned
bracing systems to improve the seismic response of low and medium rise reinforced
concrete frames. The study was almed at identifying benefits and inadequacies of the
system and at identifying cases for which the post-tensioned technique was most suitable.
The behavior of the post-tensioned bracing system was evaluated analytically by examining
the inelastic dynamic response of three buildings. In addition, the behavior of the post-
tensioned bracing system was compared with two altemate schemes that involved the
addition of X-bracing and the addition of structural walls. All schemes included in this study
confine retrofit operations to the exterior of the building by providing braces or walls only
to perimeter frames.

The buildings selected for study were prototype designs and represented typical low
and medium rise construction of the 1950's and 1960's in the United States. Low-rise
construction was represented by a three-story reinforced concrete frame, while medium-rise
construction was represented by seven and twelvg story high frame buidings of reinforced
concrete.
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Frame members in the three-story building featured reinforcing details that are
typical of structures not designed to resist seismic forces. The main deficiencies in the
three-story building included lightly-confined, short splices at the base of columns (24 bar
diameters) and short embedment lengths of bottom beam reinforcement into columns (6 in.).

The second structure considered for study was a twelve story frame building that
featured a "soft” first story and a massive parapet at the top of perimeter frames. The weak
links in the structure were the small size and wide spacing of the transverse reinforcement
outside the hinging region in beams and columns. Such reinforcing details made columns
and beams susceptible to potential shear faillures. Anchorage of reinforcement was, in
general, adequate to develop yielding of reinforcement, but insufficient to develop the
ultimate flexural strength of the member.

The seven-story building featured deep spandrel beams (6 ft. deep) and short
"captive” columns (4 ft.) in the longitudinal direction of the building. The main inadequacies
in frame members were poor column shear strength and short lap splices at the base of
columns (20 bar diameters).

To idealize inelastic behavior of the buildings, an existing non-inear analytical modet
was modified to include failure of reinforced concrete members that exhibit strength
degradation and lack ductility. In particular, supplementary hysteretic laws were
implemented to emulate strength degradation following anchorage failure in reinforced
concrete members. Such a model was used to simulate failure in bond of embeddad
reinforcement in beams and failure of short splices in columns. A further modification was
introduced in the model to idealize fallure of members in shear using a relatively simple
model. The model was aimed at representing sudden changes In stiffness and strength
induced In the structure by member shear faillure rather than reproducing behavior of
members falling in shear.

Modeling of the behavior of steel braces followed existing non-linear modeis derived
for braces with medium and high slenderess ratios.

Based on these models, inelastic static lateral load analyses were conducted to
estimate the lateral stiffness, strength and global displacement ductility of the existing and
retrofitted buildings. The static analyses revealed that lateral strength of the existing three-
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story building was governed by failure of column splices. For the twelve and seven story
buildings, lateral strength was governed by shear failure of columns.

Inelastic dynamic response of existing and retrofitted buildings was evaluated for five
earthquake records. Selected ground motions were representative of major earthquakes in
the U.S and elsewhere on firm and soft soil conditions. The effects of soil-structure
interaction for buildings located on soft soil sites were included in the analyses using a
simplified procedure.

The dynamic response was evaluated in terms of maximum displacements, inter-
story drifts and ductility demands imposed by the earthquake records. The criterion for
determining adequacy of existing and retrofitted buildings was based on providing life-safety
to the occupants; i.e. buildings must withstand ground motions with non-structural and
structural damage but without collapse. Based on this criterion, dynamic analyses showed
that all three existing buildings were inadequate to withstand one or more of the earthquakes
records studied, and therefore, seismic retrofit was warranted.

8.2 CONCLUSIONS AND DESIGN RECOMMENDATIONS

On the basis of the results obtained from analyses on the existing and retrofitted
bulldings the following conclusions can be drawn:

8.2.1 Post-Tensioned Bracing Systems

a) In general, the post-tensioned bracing system Is a viable alternative to control
lateral drift and to prevent collapse of low and mediurn-rise reinforced concrete frames on
firm and soft sol sites. While the technique is most suitable for low-rise buildings on soft
soil sites, it can also be used for low and medium rise builldings located on firm soils. The
adequacy of the post-tensioned bracing systems for medium-rise frame buildings on soft
soils will depend on the characteristics of the ground motion.

b) Dynamic analyses indicated that the use of high levels of initial prestress of
braces reduced the overall response of the buildings. Initial prestress levels of 50% or
higher should be used in design to maximize energy dissipation of the system through
yielding of braces.
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c) Yielding of braces in tension reduces the amount of initial prestress in the braces,
but it does not necessarily lead to total loss of prestress. Braces can be allowed to yield
in tension without completely losing the initial prestress force, provided that the maximum
elongation of the brace beyond that at prestressing does not exceed elongation at yield.

d) The higher strength of steel strands as opposed to steel rods showed no
significant influence on the overall dynamic response of the structure. Axial compressive
and tenslon forces in columns or beams were higher when steel strands were used.
Because of the lower strength of stes! rods, It can be anticipated that ths dasign of anchor
systems and potential modifications to foundations may be more economical if rods are
used in lieu of strands.

e) Initial brace prestressing can significantly modify the distribution of internal forces
of existing reinforced concrete members. The magnitude of induced forces depends on'the
bracing configuration, brace size, number of braced bays and initial prestress level. A
particular problem arises if induced forces are high enough to cause or to augment cracking
of existing members. In such cases, the use of post-tensioned bracing may be limited by
serviceability and/or durability requirements. The results of this study suggest that long,
squat concrete frames are unlikely candidates for the use of a post-tensioned bracing
system. In such structures, brace prestressing is realized over a long length which may
cause large deformations at the ends of the building and may induce large forces in exterior
columns/beams.

8.2.2 Comparison of Post-Tensioned Bracing with X-Bracing and Structural Walls

a) Forthe low and medium rise buildings studied, the post-tensioned bracing system
offers a performance level comparable to that of an X-bracing system or the addition of a
structural wall. Such a result is valid for firm soils and soft soils, but it does not include the
results obtained for medium rise bulldings located on clay deposits of Mexico City.

b) Maximum axial tenslle forces developed in columns using post-tensioned bracing
were, in general, lower than those induced by an X-bracing system of a comparable level
of performance. The lower level of tensile forces obtained with a post-tensioned bracing
system is attributed to the initial pre-compression of columns due to Initial brace
prestressing. Maximum axial compressive forces in columns were similar in magnitude for
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both bracing systems. The height of the building did not appear to limit the use of the post-
tensioned bracing system.

¢) The use of infill walls in low-rise buildings on soft soils appears to be an excessive
and expensive solution, because minimum dimensions and requirements for reinforcement
of the wall may lead to a lateral capacity larger than what is needed. In addition, extensive
modifications to existing foundations are likely with such a scheme and may substantially
increase rehabilitation costs. Although not included In this study, the addition of wing walls
may be a less expensive solution than infil walls, if a bracing system Is considered
undesirable.

8.2.3 Soil Structure Interaction Effects

In general, the effects of soll-structure interaction resuited in an increased response
of the buildings, although Interaction effects occasionally decreased or did not appreciable
influence the response of the buildings. However, consideration of soil-structure interaction
effects did not affect the conclusions regarding the adequacy of the buildings to withstand
the earthquake records analyzed.

8.2.3 Proposed Design Strategies

The resuits obtained in this and in previous studies indicate that drifts at ultimate of
the retrofitted structure are similar to those of the existing structure, or of the same
magnitude, irrespective of the retrofit scheme. Such a behavior Is the result of the presence
of "non-strengthened" elements which possess limited deformation capacity. On the basis
of this result, a design strategy is proposed for preliminary design of retrofit schemes. The
procedure allows the desligner to determine the minimurm stiffness and strength requirements
for the retrofit scheme to perform adequately under a design earthquake. Such a design
procedure was derived for bulidings located on firm soils only, but a similar strategy could
be used for buildings located on soft solls in the U.S. if appropriate response spectra are
used.

Due to the peculiar characteristics of the response of medium-rise builidings located
on the clay deposits of Mexico City, the design strategy for these types of bulldings is
different. Drift demands of the Mexico City - SCT1 record for medium rise buildings
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(T = 1.5 to 3 secs) may reach extremely high values (on the order of 4%) and it is unlikely
that a retrofitted structure will be able to withstand such high drift demands without severe
damage or collapse. In addition, for bulldings with fundamental periods less than 2 secs.,
strength and drift demands increase with an elongation of the period due to inelastic
behavior. The retrofit strategy for the kind of motion measured in Mexico City must involve
shortening of the fundamental period of the building to a point where significant increases
in drift demands with elongations In period are avoided.

8.2.5 Design Recommendations

a) If the lateral strength of the frame structure Is govemed by shear failure of
columns, it is unlikely that a bracing system alone (either post-tensioned or X-bracing) will
be able to prevent such a failure. Even if shear failure is prevented, shear forces developed
in columns are likely to be very high. Thus, unless shear forces are very low, columns will
most likely have to be strengthened to either reduce the shear demand/strength ratio
induced in columns or to modify the brittle shear failure to a more ductile fiexural failure.

b) High levels of axial forces were induced on the buildings studied by the bracing
system (post-tensioned or X-bracing). As a resuit, members of braced frames (usually
members of perimeter frames) would have to be reinforced by either collector elements or
jackets to augment the axial capacity of the existing members. However, the retrofit scheme
may also consider the addition of jackets to members of unbraced frames (usually members
of interior frames) to avoid brittie fallure and to increase their deformation capabilities. The
addition of collectors or jackets will permit farger drifts in the structure and therefore a lighter
(more flexible) bracing system may be required. In addition to providing the structure with
more ductiie behavior, the resulting scheme may be less expensive even though it might
increase disturbance to the occupants during retrofit operations. Such a strategy may be
particularly suitable for bulldings that exhibit potential column shear fallures at relatively low
lateral drifts.

c) The use of steel bracing (poa-tensloned'or structural steel bracing) proved to be
a feasible retrofit scheme for relatively flexible reinforced concrete frame buiidings. In such
buildings, the bracing system can provide substantial increases in strength and dissipate
energy at drifts small enough that severa damage to existing members and lateral drift are
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controlled. In contrast, for relatively stiff buildings, such as low-rise structures with short stiff
columns or with infills, the steel bracing system is not likely to perform well because
significant damage or failure of existing elements occurs at refatively small drifts. In such
cases, the stiffness requirements of the bracing system for preventing severe damage to
elements will be so high that the use of such a system will generally be economically and
practically unfeasible. Retrofit schemes such as jacketing of elements or the additlon of
wing walls may be more viable alternatives.

8.3 SUGGESTIONS FOR FUTURE RESEARCH

a) Additional studies are required to evaluate the behavior (strength and ductility)
of existing building components and building structures of reinforced concrete. In particular,
studies regarding the capacity of short columns with short lap splices under load reversals
are needed.

b) The effects of initial prestressing on the behavior of reinforced concrete members
were not included in the present study and need to be evaluated. Initlal pre-compression
can either delay (improve the performance) or precipitate failure of splices in columns of a
post-tensioned bracing system.

C) The use of steel bracing systems as a retrofit scheme for reinforced concrete
frames points out the need for studying the behavior and design of connections for both,
post-tensioned and structural steel bracing systems. Because of the special problems
associated with steel-to-concrete connections the design of efficient and reliable connection
devices requires particuiar attention and needs further investigation.



APPENDIX A
SUMMARY OF RELEVANT PROVISIONS OF ATC-22

The ATC-22 provisions described herein pertain only to the structural systems and
components for the buildings considered in the present study. These provisions correspond
to the equivalent lateral force procedure, which forms the basis of the ATC-22 document.
A dynamic analysis is required for “tall" buildings with vertical irregularities caused by
significant changes in mass or geometry. However, the base shear forces obtained from
dynamic analyses, such as a response spectrum analysis, need not be greater than that
required by the equivalent force procedure.

A.1 BASE SHEAR

The seismic base shear , V, in a given direction is determined by the familiar

relationship:

v = cWw (A1)

where W is the total dead load of the building (for storages and warehouses 25% of the floor
live load shall be applicable. Also other restrictions apply but that are not relevant to this
study). C, is the seismic design coefficient determined below. To specify lateral forces
for existing buildings, ATC-22 uses a mean response spectra instead of the mean pius one
standard deviation usually specified for new construction. The base shear coefficient, C s
, in ATC-22 is thus reduced from that prescribed for new construction and corresponds to
67% of the value specified in the NEHRP provisions ' for new buildings as follows:

12A,8S 08A,S

- A2
R T2 R T (A2)

C, = 067
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where:

A, = velocity-related acceleration coefficient which varies depending on the seismic
zone considered and is equal to 0.4 for zones of high seismic risk.

S = soil profile coefficient given in Table A.1 (In locations where soil properties are

unknown or where the profile does not meet any of the four types indicated in
Table A.1, the value of S shall be taken as 1.5).

= response modification coefficient as shown in Table A.2.

= fundamental period of the building, as defined below.

The value of C, need not be greater than 85% of the limiting value of the NEHRP

provisions '5:

C, = 085 — = 21212 (A3)
‘ R R
where:
A, = acceleration caefficient which varies depending on the seismic zone and is equal
to 0.4 for zones of high seismic risk.
A.2 FUNDAMENTAL PERIOD

The value of the fundamental period T is calculated from one of the following two
methods:

A.2.1 Method A

a) For buildings in which the lateral resistance consists of moment resisting frames
capable of resisting 100% of the required lateral force and such frames are not
enclosed or adjoined by more rigid components tending to prevent the frames
from deflecting when subjected to seismic forces, the fundamental period of the
building T , can be approximated by:

T, = C; h34 (A.4)
where:
C+ = 0.030 for concrete frames.
h, = the height in feet above the base to the highest level of the building.



Table A.1 Soil profile coefficients

Soil Profile Type

Soil Profile Coefficient, S

Rock (characterized by a shear wave velocity
greater than 2500 feet per second), or

Stift soil conditions where the soil depth is less
than 200 feet and the soil types are stable
deposits of sands, gravels, or stiff clays.

10

Deep cohesionless or stiff clay conditions,
including sites where the soil depth exceeds 200
feet and the overlying soils are stable deposits of

sands, gravels or stiff clays.

1.2

Soft- to medium-stiff clays and sands,
characterized by 30 feet or more of soft- to
medium-stiff clays with or without intervening
layers of sand or other cohesionless soils

15

Soft clays with more than 70 feet deep or silts
characterized by a shear wave velocity less than
400 feet per second.

20

Table A.2 Response modification factors and element

behavior modification coefficients

Response Bement Behavior
Modificats Modificat
Factor, R Factor, C 4
Ordinary Moment Frames of 2 2
Reinforced Concrete
Concentrically Braced Frames
with Intermediate Moment R 5 4.5
Frame of Reinforced Concrete
Reinforced Concrete Shear
Walls with Intermediate Moment 6 5
Frame of Reinforced Concrete”

* moment frame must be capable of resisting 25% of the prescribed

seismic forces

318
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b) For all other buildings (braced frames, structural (shear) walls):

T, = 005 -2 (AS5)
’ VI
where:
L = overall length (in feet) of the building at the base in the direction under
consideration.
A.2.2 Method B

The fundamental period may be estimated using the structural properties and
deformation characteristics of the resisting elements in a properly substantiated
analysis (such a procedure is used in the present study). The fundamental period
so determined shall not exceed C , T ,, where C , takes a value of 1.2 in zones of
high seismic risk.

A.3 STRENGTH DEMANDS

The load combinations specified in ATC-22 are the same as those required by the
NEHRP provisions 'S, as follows:

Q=(1.1+05A,)Q,+1.0Q, + 1.0Qs + (1.0Q;)" (A6)

and
Q=(09-05A,) Qp:(1.0Q;)" (A7)

where
Q = effect of combined loads.
Qp = effect of dead load.
Q, = effect of live load.
Qg = effect of snow load.

Qg = effect of seismic forces.
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The seismic portion of the demand Q ¢, is obtained from analysis of the building
using the base shear, V, from Eq. A.1.

* ATC-22 modifies the term (1.0 Q g) in accordance with the expected behavior for
the member being considered for analysis.

a) For elements that behave in a ductile manner the demands obtained from
analyses are estimate from Eqs. A.6 and A.7 without modification.

b) For brittle elements which are expected to exhibit a sudden mode of failure, the
basic earthquake effect should be multiplied by the factor 0.75 C d»Where C 4isthe
system factor obtained from Table A.2.

¢) For semi-ductile elements, defined by the provisions as elements whose behavior
is intermediate between that of types a) and b), the term 1.0 Q - should be replaced
by 0.375 C 4 Q. (C 4 is obtained from Table A.2)

Load factors are applied to building components rather than to building structures.
However, to compare the provisions of the ATC-22 with the behavior obtained for the
buildings of this study, it is assumed that the overall response is governed by the response
of critical elements in the structure, brittle or semi-ductile elements, as described in Chapters
IV and VI. Thus, the lateral strength of the building is estimated using the load factors
associated with the behavior of the elements that govern the response of the building.

To compute the base shear coefficient, load factors for dead load and gravity loads
were weighed against the loads for seismic forces. For the purpose of comparison, load
factors for seismic forces were weighed higher than gravity loads. The distribution of
between dead loads, live loads and earthquake forces was as follows: 30% for dead load,
10% for live load and 60% for earthquake forces.

In addition to load factors, the seismic coefficient was modified by strength
reduction factors, $. A value of 0.85 was adopted when brittle elemerit behavior was
expected, and 0.9 was adoptedfor semi-ductile and ductile modes of failure. Thus, the final
value for the base shear coefficient was calculated as:

c; - &2 (A8)
®
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